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ABSTRACT
HON KEUNG WAN

THE FIRST ORTHOTROPIC SUSPENSION BRIDGE IN NORTH AMERICA

In the past few decades, considerable progress has beea made in the
design of long span suspension bridges. With the objective of providing
more technical information in the area, the details of design and construc-
tion of the A. Murray liacKay Suspension Bridge, built in Halifax in 1970

are covered comprehensively in this report.

Thig is the firgt time that a full orthotropic deck truss suspension
bridge has been used on this continent. The oxrthotropic deck acts as the
top lateral system and in combination with the stiffening iruss and bottom -
laterals forms a box systeme. This combination provides high torsional

stiffness as well as favourable aerodynamic characteristics.

The behaviour of this bridge under wind action during construction

~ and aftexr completion has been proved sa‘hisfax:tor& by wind tunnel te.;:ts.
A chapter in this report presents the findings of aerodynamic studies
nzde on a full model of the entire bridge under both smooth and turbuleut

flows, as well as the section model tests.
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NOTALIONS 1

The following notations were used in the oxthotropic deck and floor truss

design® in section T3

A

28

area enclosed by one closed rib (in?)

spacing of open ribs; top width of closed ribs

effective width of plate acting with one open rib, computed
under an assumption of equal loading of all ribs

effective width of plate acting with one closed rib, computed
wndexr an assumption of equal loading of all ribs

flexural rigidity of the orthotropic plate in the x- or y-
direction, respectively .

%29 x 106 psi = modulus of elasticity of steel in tension or
compression.

width of deck plate between two closed ribs

reaction at support m of a continucus beam on rigid supports
reaction at support m = 0 of a continubus beamn on rigid sup-
ports; load on floor beam m = 0 due to one lane loaded,; computed
under an assumption of rigid floor beams

n‘ﬁ(%:;j’é 112 X 106 psi = modulus of elasticity of steel in
shear.

width in the direction perpendicular to ribs of an uniformly
distributed wheel load

torsional rigidity; effective torsional rigidity of the ortho-
tropic plate representing the actual steel deck

moment of ineriia of a floor beam, or a rib, respectively,

computed with the appropriate effective width of the deck plate



VI

section property characterizing torsional resistance

floor beam span

effective floor beam span

bending moment (k—in or k-ft); bending moment in the ortho-
tropic plate per unit width (k=in/in)

benging moment at midspan or at support, respectively, of a
continuous beam (k-in or k-ft); bending moment at midspan or

at support, respectively, of a continuous orthortopic plate per
wnit width (k-in/in)

bending moment acting on one rip, or one floor beam, respectively
bending moment correction in a rib ér a floor beam, respectively,
due to floor beam flexibility

load; wheel load

uniformly distributed load (k/inz)

= %E = load on deck per unit length in the x~direction of bridge
(k/in)

radiug of gyration

section modulus

=15 ft. 10 in. = spacing of floor beams

effective width of plate acting with one floor beanm

=0.7 8 = effective span of longitudinal ribs, used in computation
of 2,

=0.81 s = effective span of longitudinal ribs, used in computation
of H

effective spacing of unequally loaded floor heams

thickness of deck plate or rib plate, respectively



<~

Vil

developed width of one rib plate (in.)

ordinate in the transverse direction of bridge

ordinate in the longitudinal direction of bridge; distance
along the rib to the nearest support with a smaller number m .
vertical ordinate; one-half of the wheel spacing in an axle
coefficient characterizing the relative flexural rigidity of
the ribs and the floor peams

influence ordinate at support m, for the bending moment at
point i under consideration, of a continﬁous beam on elastic
supports

influence ordinate at support m for reaction Fo at suppoxrt

m = 0 of a continuous beam on elastic support

reduction coefficient, used in determination of the effective
torsional rigidity, d

=0, %= Poisson's ratio for steel
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NOTALTIONS 2

The following notations were used in stiffening truss, main cable and

bottom lateral design7 in sections T.4; T.5; and T.7

EI

b

m .3 <@ R

216,465 x 10! k-£t° = bending rigidity of one stiffening truss
at main span

=154217 x 107 krftz = bending rigidity of one stiffening truss
at side span

force in each diagonal member of bottom lateral

=128 ft. = cable sag at mzin span

=17.24 ft. = cable sag at side span

the horizontal component of cable §u11 due to dead load

the load length, see.Fig. 7.13

total length of cable due to the effect of cable stretch
total length of cable due to the effect of temperature change
=1400 ft. = main span length

=513.,83 ft. = side span length

bending moment in k-ft

factor due to cable stretch

factor due to the effect of side spans

factor due to temperature change

=1,0 kip/ft. = live load per cable

sheaxr force in kips

=2,882 kip/ft. = dead load per cable

the location to define see Fig T+13

the inclination of the choxd in any span and segment of cable
slope of the bridge span

deflection of the bridge span

=65 x% 10’7 = coefficient of expansion



NOTATIONS 3

The following notations were used in the aerodynamic stability studyw’“

12,15,14, in Chaptler 8

A‘D =8,87 in2 = gection area of bottom lateral diagonal

A 10.65 in® = section area of stiffening truss diagonal

A =TA, sin® ¢h cos ¢h in one panel

A\ area of lowexr chord of stiffening truss

Au area of upper chord of stiffening truss

A =2Ad s.:i.n2§?5v cos ¢v in one panel

a amplitude of vibration .

b =57 ft. = c.to.c. of cable distance (i.es width of the bridge)

CW warping modulus

4 =10ft. = c.to c. of top and bottom lateral distance (i.e. bridge
depth)

E modulus of elasticity for stiffening trusses

Ec modulus of elasticity for cables

b =128 f{. = cable sag at main span

f1 =17.24 £i., = cable sag at side span

G ghear modulus

H horizontal component of cable pull

ID modulus of torsion

X stiffness factor or spring constant or coefficient of rigidity

Kt coefficient of torsional rigidity

Ls function of cable length

\ =1400 ft. = main span length

11 =513.83 ft. = side span length

14 moment



" A N =

=N, =N
=2

7

(3%

= -g- = mass per wnit span length

critical flutter frequency

natural frequency of torsional oscillation
natural frequency of vertical oscillation
modes of oscillation in center span

mode of oscillation in side span

the polar radius of gyration

stiffness index

=9"b = 0,426 = the weight of the air
=3/8 in. = thickness of deck plate

shear force

critical wind velocity

flutter velocity for coupled oscillations

flutter velocity with pure torsional oscillations

weight per linear ft. of bridge

=0.%0 for kc = 0,241

angle of wind attack

angular displacement

angle of diagonal and chord intersection of bottom lateral
angle of diagoral and chord intersection of stiffening truss
flutter frequency or cirecular frequency

circvlar frequency in vertical oscillation

circular frequency in torsional oscillation

mass of gyration per unit length

=0,00238 slug = mass density of air

ple

= 0,0696 = mass in the bridge structure compared to the

mass in an air cylinder



8r?

== 1138 = the mass distribution in the bridge section

longitudinal movement of eable

the inelination of the cable-choxd



CHAPTER I

INTRODUCTION

1.1 General

The A. Murray Mackay Bridge, located in Halifax (Fig. 1.1), Nova
Scotia, Canada, has a 1,400 ft. long steel main span flanked by 514 ft.
side spans with approach facilities on either side. For the first time
in North America, a full orthotropic deck system is employed in a sus~
pension bridge. The orthotropic deck acts as part of the top choxds of

the deck type stiffening trusses.

The orthotropic taeory of bridge degign and construction was deve-
loped primarily in Germany following World War II. Due to the shortage
of steel and other materialg in the post-war yeé.rs, bridge engineers dew}e—
loped lightweight steel bridge decks that are not only very economical
but also possess excellent structural characteristics. The improvement
of welding techniques has made Possible great progress in the use of

orthotropic bridges,

Orthotropic type plate has found wide application as the deck
system of suspension bridges in conjunction with stiffening girders. By
uging an orthotcpic deck, the dead weight is likely to be reduced com-
paxed with other conventional light-weight deck system. This reduced
welight generally aifects adversely the aerodynanmic stability of a sus-
pension bridge. However, it may be more than offsét by the increase of
the flexural and torsional rigidity of the stiffening system due to the

participation of the deck plate in the stiffening system stresses.



1.2 History of Project

Shortly after 1955, and the opening of the Angus L. Macdonald Bridge
which was built by the Halifax-Dartmouth Bridge Commission across Halifax
Harbour, the tra:fic volume grew rapidly. The average daily traffic vol-
ume had been tripled by 1962, which indicated an average annual growth
rate of 15.6%. This extremely high growth rate could be attributed,
in part, to the rapid development of the City of Dartmouth since the
opening of the bridge and, in part, to the ready acceptance by the moto-
rists in the Metropolitan area of a toll facility which provided a quick

route between Halifax and Dartmouth.

Owing to this fact tke Province of Nova Scotia passed an amendment
for Chapter VII of the Acts of 1950.
If the Province and either the City, the Town or the County request
the Commission to investigate the sufficiency of the means of
access to the City provided by the preseut bridge operated by the
Commission or the present or future need of an additional bridge oxr
bridges, the Commission may:
(a) Conduct such investigation and studies as it considers advis-
able respecting
1. the need or advisability of an additional bridge or bridges
across Halifax Harbour or the Norxth West Arm;
2, ‘the proper location of any such bridge or bridges and the
approaches thereto;
3. the manner or method of financing and operating any such
bridge;

4. +the probable cost of acquiring lands for the purposes of



an additional bridge or bridges and the cost of construc-
ting such bridge or bridges;

5. any other matter related to the construction, operation
or financing of an additional bridge or bridges and the

approaches thereto that the Commission considers relevant.

In June, 1962, the Bridge Commission appointed Consulting Engineers
Messrs. H.H. L. Pratley and R.A. Dorton of Montreal (by whose office the
Angus L. Macdonald Bridge was designed) to carry out such a study. The
Consulting Engineers retained the service of a specialist firm in traf-
fic engine:zring, A.D. Margison and Associates Limited of Toronto. Ifuch
information was obtained from many Government Departments and various
orgenizations. A report of "Halifax Area Bridge Study 1963" was fur-
nished by the Consulting Ehgineers to the Bridge Commission.covering

all the subjects required by them.

In the repoxrt the Consulting Engineers recommendeé. that the bridges
across the harbour at George's Island and at North West Arm should be
built simultaneously. UNot only would the financizl situation be im~
proved by construction of both bridges at the same time, but these two
bridges would combine vexry well to provide a through rouj:e helping to
complete a ring road around the metropolitan area, without making any.
appreciable use of the city street systems. However, for economic rea~
sons, the Bridge Commission adopted a revised scheme across the Warrows.

At present, the Noxrth West Arm Bridge is still under study.

1.3 Scope of Repoxrt

Thig multimiliion dollar project comprises an orthotropic deck



suspension bridgze and approach roads, with two clover-leaf interchanges

and several grade separation structures.

Although extensive research work on orthotropic decks in the past
has been carried out contributing useful data te designers, only a few
papers covering the comprehensive benaviour of such a system applicable
%o suspension bridges have been published. The system is still in the
developument stage and the writer feels that there would be much interest
in reeding a full technical report of this nature. The full report
covering the details of the design features, the aerodynamic stability
wind tunnel tests, the application of epoxy asphalt surface, the fabri-
cation procedures and the erection stages etc. could be used as a refer-
ence for design of similar bridges and also in making any comparative

studies of different suspension bridge systems.
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CHAPT#R 2

TRAFFIC STUDY

2.1 General

A large area including not only the Cities of Dartmouth and Halifax
but also all the suburban area within a radius of several miles have been
studied. This comprises an examination of population growth combined
with the best possible forecasts of the development of suburvan areas,

so that an estimate could be made of the likely growth and changes in

traffic pattems.

From traffic patterns one can gauge whether an additional bridge
is required, If so, this leads to more detail study and investigation of

location of sites, site exploration and economics.

The return of revenue is calculated on an escalated traffic growth

over a term period.

2.2 Capacity Analysis

The capacity of any facility is directly related to its width and
alignment and the types of vehicles wishing to utilize it. The existing
Angus L. lacdonald Bridge, 2 lanes and 2 way traffic, has one additional
limit factor, which is the "no passing" regulation which limits the
operating speeds of all vehicles to the speed of the slowest vehicle

using it.

Observation of the traffic movement on the bridge during peak hours
in 1962 indicated an average headway between vehicles of three seconds

during normal operzting conditions, with a minimum headway of two 0



twp and one half seconds. Foxr all practical purposes, a headway of two
and one half seconds between vehicles is the lowest which should be con~
sidered for safe and efficient movement; This headway gives a practical
capacity of 1440 venicles per hour for one lane for one direction. Com-
pared with the existing high volume of 1,600 vehicles per hour, this
indicated that on normal weekdays the bridge was operating at the.peak
hour at 90% to 110% of practical capacity. While the peak hour would
not necessarily increase at the same rate as the twenty-four hour total
volume, it could safely be assumed that within two years the normal week-
day traffic would regularly produce over-capacity conditions, thus ex-

tending the peak hours condition.

Therefore, as the capacity of the bridge could not be economically
increased, and the demand to use this facility would continue to increase,
consideration should be given to the construction of a new bridge across

Halifax Harbouxr to avoid the serious congsstion.

2.3 ILxisting and Future Population and Development

The dévelopment of a rational estimate of future population is de-
pended upon an analysis of past records and the opinions ané the predic-
tion for the six major sections of the Halifax letropolitan Axea for the

period from 1941 to 2000 had been tabulated in Table 2.1

The population for the entire Metiopolitan Area will reach 270,000
by 1980 and 318,000 by 2000. This seems reasonable since the past his-
tory of the Provinée had indicated a gradual increzse in the percentage
of urban population, 23 opposed to xural population, and all studies of
the economic growth of the Halifax HMetropolitan Area indicated that this

trend would contixue.



TABLE 2.1

EXISTING AND ANTICIPATED POPULATION IN THE HALIFAX METROPOLITAN ARKA

POPULATION
AREA ’G/\{J Inc. % Inc. % Inc.

1941 | Yyear 1961 | “year 1980 | Jyeor 2000
City of 69,000 | 1% |92,500 | &% |105,000| §% |118,000
Halifax 9’ 2 9 ’5 4 '5’ 4 H
City of 16,000 | 53 | 47,000 | 2% | 75,000 1% | 90,000
Dartmouth B4 4 e ‘ ik
Hexring Co g 3
& Splr?rfgi elze 3,600 | 7% | 14,800 3% 26,000 % 30,000
Armdale,Dutch ‘
Settlement & | 2,300 | 72% | 10,100 5% 26,000 2% 39,000
Fairview
Rocki 3,
Bockinghan | 5 500 | 7i% |10,300 | 3Bk | 21,000 | 1h% | 28,000
Cole Harbour
& Eastern 2,000 1% 7,600 | 455 17,000 1% 21,000
Passage

244 Passenger Car Ownership and Usage

Due to the lack of accurate data on passenger car ownership in the

Halifax Metropolitan Area, it was decided to utilize the provincial re-

cords to establish a trend line for increased ownership.

Similar to

Pable 2,1, the relation between the provincial population and persons

per passenger car for the period 1941 to 2000 had been estimated. The

ratios showed persons per automobile of 5.1 in 1961, 3.5 in 1980 and

3.2 in 2000 for the Province as a whole, while the Metropolitan Area

would probably have a persons per car ratio of about 3.0 by 1980 and

2.5 by 1995, after which it would remain relatively constant.

2.5 PFuture Traffic Growth Factors




Traffic growth factoxrs had been calculated for eacnh traffic zone in
the study area for the period from 1962 to 1980, utilizing the population

increase for each zone and passenger car increase for the Province.

Since the available planning data was unable to produce any logical
specific zonal population predictions beyond 1980, it was decided to use
an average factor for the area. The population increase and reduction
of persouns per automobile had been combined to produce a traffic increase
factor which was 2.5% per year for the period from 1980 to 1994, equiva-

lent to an overall factor of 1.48 for the fourteen years.

The Department of Highways of Hova Scotia used a twenty year expan-
sion factor of 2.0 to adjust its traffic data to the future and this

factor was used to adjust some of the data in the traffic study.
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CHaPTER 3

FINANCIAL SUPPORT AulD REVENUE ESTIMATE

3.1 Financial Study

In 1962, the funded debt of the Commission consisted of two issues.
First mortgage serial bonds with an interest rate of 4-1/8 % maturing on
the 15th March 1958 to 1977 were sold on the U.S. market in 1952 to fin~
ance the construction of the Angus L. liacdonald Bridge. The original
amount of this issue was $8,000,000.00 and bonds have been redeemed every
year since 1958. So far as the finencial study was set in Harch 1963, the
total of the bonds still outstanding amounted to $6,236,000.00. In 1957,
the Commission created a new issue of 5% series B ‘debentures maturmg
1st September, 1977 in the amount of $2,650,000.00. Both of these issues
were guaranteed as to principal and interest by tie Province of Lova
Scotia énd it had beenrn assumed that a similar gugrante'e would apply to

any new issue made to finance new construction.

The Commission had considerable funds available in Reserve Accounts
and allocated them for the purchase of outstanding bonds. This amount
of money did not help the new project very much. The actual cost of the
final project was far beyond that of the preliminary study since the )
bridge had been widen from a 3 lane to a 4 lane together with additional

road works on either side.

3,2 Revenue and Lxpenditure Estimate
A. Revenue bstimate

The financial prospzcts were based on the construction of a new
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bridge at each of the four sites across Halifax Harbour, to be operated
in conjunction with the existing bridge as one combined enterprise. To
analyse the revenue of the existing Angus L. Macdonald Bridge, average
figures were calculated for each year on the basis of total traffic and
also for the traffic divided into two categories. Since passenger auto-
mobiles constitute such a large propoxrtion of total traffic, they were
seperated out as one category and traffic other than passenger automobiles
fell into the second category. It was not felt that this could be done
with sufficient accuracy to make it worthwhile for estimating total traffic
in future years. However, in forecasting revenue, it could be useful to
project established trends, in an effort to foresee what propertion of

future traffic might belong to each of the categories considered.

The traffic increase had been very slight in 1961 and 1962, and it
seemed unlikely that passenger automobile would ever constitute moxe
than about 88 of the total traffic crossing the harbour. Using this
limit of 88% and the assumed stable values for unit tolls in each cate~
goxry, the probable overall average revenue per vehicle could be calculated
as 21¢. This average value of 21¢ per vehicle had been assumed to apply

to all revenue calculations througnout the %0 year study period.

Other revenue derived from two sources. The Commission recei§ed
rentzls for space occupied by electric pover and telephone cables carried
on the existing bridge and for the carviage of public transit vehicles.
The other source for additional revenue was interested on fund available
for investment. The result of the revenue and expenditure in this new

suspension bridge was tabulaied in table 3.1



12

B. Expenditure

. The primary item of expenditure would aiways be interested on funded-
debt so long as there were bonds or debentures outstanding. The amount
shown in Table 3.1 as Interest Charges was on the existing 5% debentures
and First Ioxrtgage bonds, which the rate on the new bond or debenture

issue had been taken as 53%.

The next column in the table represented the costs of operation,
maintenance and administration (O.M.A.). It had been assumed for the
pu.ri)oses of these studies that operation, maintenance and administration
charges would increase at a steady rate of approximately 2% per annum
though the figures shown for any particular year might be far off the
mark due to the erratic variations in these charges. The overall trend
vould certainly be upward and the growth rate indicated would be quite

adequate for these calculations.



TABLE 3.1

ESTIMATED REVENUE, CHARGES AND SURPLUS

PRESENT BRIDGE WITH NEW BRIDGE AT SITE NUMBER ONE

(Report from Consulting Engineers in 1963)

1963 To 1984

(Figures in thousands)

15

TOLL OTHER TOTAL INTEREST O.M.A. TOTAL  ANNUAL TOTAL
YEAR REVENUE REVENUE REVENUE CHARGES CHARGES CHARGES SURPLUS SURPLUS
1963 1,395 106 1,501 852 283 1,135 366 -
1964 1,460 484 1,944 997 278 1,275 669 669
1965 1,522 380 1,902 944 283 1,227 675 1,344
1966 1,590 277 1,867 944 288 1,232 635 1,979
1967 1,656 198 1,854 944 294 1,238 616 2,595
1968 1,814 115 1,929 944 544 1,488 441 3,036
1969 1,876 132 2,008 944 555 1,499 509 3,545
1970 1,961 153 2,114 944 566 1,510 604 4,149
1971 2,076 177 2,253 944 577 1,521 732 4,881
1972 2,200 206 2,406 944 588 1,532 874 5,755
1973 2,316 241 2,557 944 600 1,544 1,013 6,768
1974 2,436 282 2,718 944 612 1,556 1,162 7,930
1975 2,558 293 2,851 944 624 1,568 1,283 6,563
1976 2,683 274 2,957 811 636 1,447 1,510 8,073
1977 2,795 334 3,129 811 646 1,457 1,672 9,745
1978 2,916 401 3,317 811 655 1,466 1,851 11,596
1979 3,044 475 3,519 811 668 1,479 2,060 13,636
1980 3,189 556 3,745 811 681 1,492 2,253 15,889
1981 3,274 647 3,921 811 694 1,505 2,416 18,305
1982 3,368 743 4,111 811 708 1,519 2,592 20,897
1983 3,461 847 4,308 811 722 1,533 2,775 9,060
1984 3,566 373 3,939 - 729 729 3,210 12,270
Amount of New Issue: 14,750 5% Debenture Deficiency  Nil

Capital Surplus 9,060

Grand Total of Deficiencies Nil
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CHAPTER 4

SITE SELECTION AND THE PROPOSED BRIDGES

4.1 General

In désigning a bridge, site selection is one of the most important
factors. This affects the development of cities and their communication.
Obviously, bridges on skew alignments are more expensive than on square
alignments. The economic justification for a square alignment over a

skew alignment increase with the angle of skew pProposed for skew align-

ment.

After preliminary location of the bridge, the site, in general, should
be inspected for ground conditions and its surrounding area. For the pux
pose of navigation, the location of piers and clearance should be care-

fully considered.

The Consulting knginecers proposed four sites (]:?ig; 4.1) for a pos-
sible additional bridge crossing the Halifax Harbour. It will be seen in
the following chapiers that each site had been thoroughly studies in order

to present to the Commission a feasible report.

4.2 The Natural Condition at Bach Site
Site No. 1

The most obvious location of all for a bridge between Halifax and
Dartmouth was the narrowest point in the body of water separating the
two cities. This seemed to involve the least construction cost. It
vas significant that the old bridge was not constructed at the narrowest

point and it was evident that the distance between the shores was not
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the governing factor in this case. A bridge must be built where it would
provide at least a measure of convenience to the travelling public. Other-
wise traffic and, hence, revenue would be unduly low. The topography-of
the ground could have a considerable effect upon the overall cost. Sharply
rising ground could result in considerably shorter approaches even though
possibly the water crossing was somewhat greater. It was such considera-
tions as these that deteimined the site of the Angus L. Macdonald Bridge.
But the crossing at the Narrows was still very tempting and this location

had obviously to be considered for the purposes of this study.

Site No. 2

Proceeding down the Harbour to seaward, no other site presented it~
self north of the old bridge but it was considered desirable to examine
the possibility of building a new structure along side the existing one,
the combination to be operated basically with east-bound traffic on one
bridge and west-bound on the other. Such a site is far from ideal but

+he operational considerations warranted the study of such a scheme.

Site. No. 3

Possibly, the ideal connection between two adjacent cities would
run from center of one city to the center of the other.. It was considered
desirable to study a sdheme of this nature, theugh once again, the siﬁe
was not very attractive for various other reasons. ‘The prominence of
the Citadel in Halifax and the very steep genexal slope of the lund
between the Citadel and the water front, combined to force this scheme

to land on Halifax side either 4o the north or to the south of Citadel

Hill,
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Site llo. 4

Further to the south, there was a natural obstruction to shipping
in the form of George's Island. This provided an opportunity for a
bridge pier which would not add significently to the difficulties of
navigation. On the othexr side there was the end of the Dartmouth Cir-

cunferential Highway which could obviously serve as an eminently satis-

factory feeder road.

On the Halifax side this site presented two serious problems. One
difficulty consisted of the formidable array of existing structures.
The other unfortunate circumstance was thé fact that, in contrast with
the situation at the other sites considered, the land rose comparatively
slowly toward the west, This made it necessary to build a relatively
long approach structure if excessively steep grade were to be avoided.
However, a structure at this site would offer excellent possibilities of
connecting with a bridge across the Horth West Arm to provide a through
- road across much of the study area. These possibilities, combined with
the advantages at both George's Island and Dartmouth, warranted the

study of this site.

4.3 Vertical and Horizontal Clearances

At Site No. 1, it would obviously not be necessary to provide a
greater vertical clearance than already existed on the Angus L. Macdonald
Bridge. On the other hand, it was unlikely that any less clearance would
be acceptable to shipring interests. It was significent that the power
transmission line at the Narrows, bhad maintained this vertical clearance

~ which was nominally 165 feet above low watex.
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bBorizontal clearance, which also determined largely by the needs

of.shipping, was not governed so much by physical dimensions of the
vessels as by navigation conditions and manoeuvreability. At Site No.
1, the direction of travel of most of the ships passing through the
Narrows would not be at right-angles to the center line of the bridge.
The configurétion of tihe shore line, especiaily on the Dartmouth side,
was such as to make it logical to offset the main span of the proposed

bridge towards the Halifax side. There existed towards the Dartmouth
| shore a comparatively shallow spot which constituted a menace to the
larger ships. Construction of a pier should benefit from the shallow
water and would not create an additional hazard to shipping, but would,
in fact, convert the existing hidden hazard into a much more obvious one
which could be clearly marked by flood lighting of the pier. It seemed
evident that the next pier to the west should not be located ahy vhere
in the water where it would obstruct shipping. The horizontal clearance
thus determined resulted in a span of about 1,300 feet which, due to the |
skew, would provide a navigational clearance with an effective width of
about 1,106 feet. This was no less tnan existed somewhat further seaward

vhere a jetty jutted out from the Dartmouth shore.

A bridge constructed at Site No. 2 would obviously require clearance
almost identical to those of the old bridge. The vertical clearance would
be exactly the same but the slight widening of the darbour in the short
distance between the two bridges suzgesied a slightly greater horizontal
clearance. The physical characteristics of the site, which governed fhe
locations of piers and anchorages,also led to an increase in the horigon-

tal clearance. The length of the main span would be 1,530 feet vso 1,447
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feet of the old bridge.

At Site No. 3, the bridge would be located on the seaward side of
several important wharves which could be used by ships unable to pass
under the ingus L. lMacdonald Bridge. Consequently, it had been assumed
that somewhat moi'e vertical clearance should be provided than existed at
the dld bridge. At this location in the Harbour there was considerable
manoeuvring of vessels approaching and leaving their berths. One main
" pier had been located at the tip of an existing Jetting so as to cause
the absolute minimum of difficulty to shipping. The other main piexr had
been located by considering, in combination, the questions of minimum
horizontal clearance, desirable vertical clearances, suitable bridge
p.;r.'ofile, and depth of water at the pier site. The resulting layout
yielded a horizontal clearance in excess of 2,100 feet, minimum vertical
clearance at the center of 180 feet above high water. At the same time,
a minimum vertical clearance, also above high water, of 165 feet had

bveen maintained at the entrance %c the wharves on the dalifax side.

At Site Mo. 4, the bridge vwas located quite clogse to the entrance
t0 the Harbour. Virtuslly, every ship entering the Harbour would have
to pass underneath it. In addition, the bridge passed d._irectly over the
Ocean Terminals where the largest passenger vessels were occasiona.llyi
berthed and consideration must be given to this fact. The profile of the
main span to the east of George's Islend had been made identical to that

of the west of George's Island 80 that ships might enter the Harboux

through one channel and leave through the other. This had maintained

a generous clearance right over to Dartmouth shore, waking provislion foxr
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the movement of oil tanker to that area.

4.4 Traffic Feature and Roadway Width

'The basic factor entering into the determination of the numbexr of
lanes is obviously the intensity of traffic. There, consideration must
be given to the various traffic patterns that occur at different times
during tne day. Experience on the Angus L. llacdonald Bridge had been
that the traffic at the morning rush hour was nearly twice as dense
west-bound as east-bound. Exactly the reverse was the case at the late
afternoon peak. The distribution between the two directions was quite
well balanced in between these peaks and in the evening hours. The
actual density in either direction during the off-peak hours was always
legs tnan the peak-hour traffic in the less heavier direction. Therefore,
only the rush hour traffic should be considered in determining the number

of lanes on tine new structure.

Experience showed that the traific in the busiest 60 minutes of the
peak period was very close to 10 or tie total ti-a.ffic for the day. Fore-
casted for average daily traffic in 1994 for the four sites considered
range from 56,000 to 69,000 venhicles per day which was equivalent to a
range of 5,600 to 6,900 during the peak hour. Since the peak hour traffic
was approximately twice as heavy in one direction as in the other, it
could be expected tnat in 1994 the total peak hour traffic in the moxe
heavily travelled direction might range from 3,700 to 4,600 vehicles
depending on the site of the new bridse; similarly, traffic in the less
heavily travelled direction night range from about 1,900 vehicles to

2,300 vehicles., While it was often considered that no lane should be
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required to carry moxre than 1,440 vehicles per hour, it was a fact that
the Angus L. Macdonald Bridge had already experienced a rate as high as
1,600 vehicles per hour without any serious congestion on the bridge

itself.

If a total of three lanes were to be provided for traffic in the
more ileavily travellgd direction, the peak rate in 1994 might be expected
10 be bétwéen 1,233 and 1,533 vehicles per hour. The upper end of t‘:ﬁs
range was quite acceptable while the lower end indicated that there
would be appreciable unused capacitys It could thus be seen that during
the peak hour any new structure must provide, in combination with the
old bridge, at least three lanes in one direction and two in the othex.
Since the old bridge could not carry more than two lanes of traffic, an-
other two laned structure would not result in a combined capacity sufi-
jeient to meet the need. The fact that three lanes would be regquired
west-bound in the morning and also east-bound at night immediately .

suggests that two additional lanes should be provided in each direction.

The Consulting Engineers suggested that a new bridge witn three
traffic lanes would thus meet the predicted need and would cost appre=-
ciably less to build than would a four lane bridge. However, the Bridge
Cormission preferred a four lane bridge with the same lanes of approach
roadway throughout the whole project. This certainly would minimize the
traffic congestion and gave the driver a coamfortable driveway. It was
also easier in design and convenient in the traffic control and manage-

ment.

4.5 Proposed Bridge Spans at Bach 3ite
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The original desizn proposed by the Engineers for the two shorter
schemes at Site Wos. 1 and 2, a bridge of the through type, which had
the roadway set down between the two stiffening trusses as on the Angus
L. Macdonald Bridge, had been selected. dowever, for the longer span
at Site Nos. 3 and 4, the deck type, with the stiffening trusses entirely
bélow the roadway had been chosen. This made possible the use of two planes

of lateral bracing which would greatly imprave the torsional stiffness.

The approach spans for each scheme, with the exception of one ox
two of the longest spans adjacent to the suspension bridge, had all been
estimated as steel plate girder. There had been a marked trend in recent
years towards using girders for longer spans and trusses had only been
shown either where the spans are exceptionally long oxr where the appear-
ance was improved by their use. Again the good foundation conditions
were expected to permit the use of continuous spans such as existed on
both approaches to the existing bridge. The span lengths and layout of
the approaches had been determined as far as possible by an economic
relationship to pier heignts. 4ilthough steel girders had been assumed
for preliminary purpose, the possible use of prestressed concrete should
be thoroughly studied before proceeding with a final design since this

type of construction might well prove to be competitive in cost.

In all caées the approach spans would be supported by slendexr con-
crete piers of graceful proportions to provide both good economy and
Pleasing appearance. A Toll Plaza of suitable dimensions together with
Administration and iaintenance facilities had been assumed at each site
except that at Site Ho. 2 where enlargement of the existing Aduinistration

Building and Haintenance Garage would undoubtedly suffice.



Site Ho. 1

At this location, the preliminary proposed length of the main span
is 1,303 feet and the side spans each had a length of 489 feet. On the
Halifax side, due to the steeply rising ground, the approach consisted
of only three spans of 150 feet, 100 feet and 75 feet respectively. The
ahchgrage was located high up the slope and carried on it the first
approach pier. On the Dartmouth side, the anchorage was located on
low ground near the shore. And the profile of the ground was such that
there were eight approach spans of 150 feet and one of 100 feet between
the end of the suspension bridge and the abutment at the beginning of the
Poll Plaza. East of the Plaza, it was necessary for the approach road
to rise sufficiently to cross over the C.N.R. tracks and a partial clover

leaf had been indicated for the connection to Windmill Road.

Site No. 2

At this site the new structure would be paralled to existing bridge
for much of its length and some 250 feet to the éouth. Any attempt to
make the second structure identical to the first to improve the appearance
from either side was doomed to failure right from the start. It was be-
cause the space between the two would always make it impossible to line

up more than any one feature of the two structure from any given position.

The span length chosen was 1,580 feet and in this cése the two side
spans each had a length of 593 feet. Again the steep profile on the
Halifax side resulted in a shortex approach than was required in Daxrt-
mouth although the new layout did not come down to ground level as soon
as did the old bridge. The approach consisted of a 165 feet span from

the end of the suspension bridse to a pier on top of the anchorage followed
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by a 100 feet span crossing Barrington street and six 700 foot spans, the
last of which crossed Brunswick street. On fhe Dartmouth side both the
cable bent and the first approach pier were located in the water and the
second approach pier was on top of the anchorage which, as with the exig-
ting bridge, was located on the bluff just above the railway tracks. The
first three spans were each 165 feet long and these were followed by three
moxre each 140 feet 1ongAand a fina; set of five, each 75 feet long. Start-
ing at the abutment, road sprezded out very rapidly to join the existing

Plaza and a new loop road had been added for traffic turning right off the

bridge.

Site No. 3

' This scheme called for a very long main span of 2,245 feet with
identical side span each 962.5 feet long. The symnetry was prolonged by
the use of three 260 feet truss span on each side beyond which the two
approaches differ. On the Halifax side it was necessary to splay the
roadway very early in order to fit in a toll plaza for which no satis-
factory site coculd be found on the Daxrtmouth side. Splaying of the road-
way was carried out on the last five approach spans, four of which were
each 100 feet long while the fifth, which crossed Gottingen street, had
a length of 75 feet. On the Dartmouth side the anchorage was located in
shallow water quite near the shore and once again it carried an approach
Pier since this extra load was always advantageous. Seyond the three
truss spans there were twelve plate girder spans each 150 feet long
loading to an abutment beyond which the road spreaded out and divided

to connect up with existing streets.
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Site No. 4

The scheme proposed at this site is quite unusual and had some
similarity to the San Francisco-Oakland Bay Bridge in that there were
two suspension bridges with a common anchorage at the center. In this
case, the spans were not so great and it was intended that the main
cables should be continuous from one end to the other. ZXach main span
had a length of 1,703 feet and four side spans were 851.5 feet long.
For the purpose of anchoring the cables at the center to resist any out
of balance foxce, it had been necessary to introdude a gap of T0 feet
between the ends of the two side spans and this pertion of roadway would
actually be on the anchorage itself. Consideration was given to omitting
the central anchorage which would resuit in a strucutre with three main
spans. However, the great flexibility of such a structure wvould require
either exceptionally heavy stiffening trusées or cable tied between the
tops of the towers and these alternatives were discarded in favour of

the scheme illustrxated.

As in Site o. 3, the symmetry extended part way down the approaches.
In this case there were two 200 feet truss span on each side, in each case
ending on a pier supported on the cable anchorage. Beyond the truss spans
the Halifax approach consisted of nine girder spans of 150 feet each, .
three girder spzns of 125 feet each, and eight girder spaus of 100 feet
each, terminating at an abutment just west of Wellington Street beyond
which the road divided foxr connection to the city streets. The great
length of this approach was dictated partly by the large vertical clea-
rance required over the water and partly by the topography of the city

in this area. On the Dartmouth side, tne truss spans wexe followed by
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eight girder spans of 150 feet and one of 125 feet. Beyond these spans
were the toll plaza and an interchange providing smooth connection with

the Dartmouth Circunferential Highway in both direction.

4.6 Cost Estimate of the Proposed Bridges

To establish estimate of the cost of construction of each scheme,
it was necessary to make preliminary designs. Due to the magnitude of
‘the proposals, it had to be carried out in detail in ordexr to obtain

. sufficient accuracy.

The design of the substructure had been based upon rock levels
established largely by familiarity with the area and by considerable

local enquiry. In many cases, rock could be seen outcropping from the

ground and its presence and quality could be reliably established

In all preliminary design work, the live loading in general use for
bridge design throughout North America was used, waich was the same as
that Angus L. Macdonald was design to carry. Because the approach spans
were all of comparatively common types, it was unnecessary to accumulate
similar lengths to establish quantities of materials for these spans.
Approximate designs were made and the results compared with quantities

calculated on many other bridges.

Table 4.1 shows the cost estimate of the four proposals recommended.
The cost was originally estimated for a three laued bridge and approach

roads.

The Bridge Commission selected Site Ho. 1 of the four proposals

recommended due to economic and mainly immedizte development of industry



on completion of the project. After the Angus L. Macdonald Bridge was

opened to traffic, the downtown area of Dartmouth city was fully deve-

loped. There was lack of Space to design an expressway and the interchange

in the heart of both cities. In addition this final choice was dictated

largely by that studies indicated tnis location as the most desirable

with respect to approaches, grades and street connections, thus utilizing

less expensive property and offering the minimum of interference to local
development, and, at the same time, giving maximum accessibility to the

| busiress district and to the principal traffic arteries conveying in

this locality.



a1

TABLE 4.1
COST  ESTIMATES

HARBOUR BRIDGE PROPOSALS

Site 1 Site 2 Site 3 Site &

THE NARROWS HMC DOCKYARD PIER NO. 2 GEORGE'S ISLAND
Suspension Spans $1,113,000 $1,735,000 $2,935,000 $5,356,000
Substructure .
Approach Spans 213,000 153,000 433,000 437,000
Substructure
Suspension Spans 4,660,000 6,389,000 14,300,000 17,000,000
Superstructure
Approach Spans 749,000 846,000 1,950,000 1,963,000
Superstructure
Overpass Structure 628,000 - 61,000 198,000
Approach Roads 950,000 225,000 525,000 775,000
Electrical Work 195,000 85,000 134,000 279,000
Building and 300,000 50,000 300,000 ‘300;000
Toll Booths :
Physical Cost $8,808,000 $9,483,000 $20,638,000 $26,308,000
Engineering 573,000 616,000 -1,341,000 1,710,000
Land 550,000 800,000 2,250,000 2,300,000
Total $9,931,000 $10,899,000 $24,229,000 $30,318,000
Contingencies 497,000 545,000 1,211,000 1,516,000
Total Estimated $10,428,000 $11,444,000 $25,440,000 $31,834,000

Cost
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CHAPT:R 5

THE NoW APPROACH FaCILITIES

5.1 General
For an essential part of the highest type of expressway, grade
Bepaz"a.tions and interchanges are preferrable} The advantages in employ-
ing these modexn designs are as follows: | - o
1. The capacity of the through travel ways within the interchange
can be made to approach oxr equal that outside the interchange.
2. Increased safety is provided for through and left turning
traffic.
3. Stops and speed c’nahge are eliminated for through traffic.

Based on the above advantages, the City of Dartmouth and the Nova

Scotia Highway Department agreed with following new facilities.

5.2 Approach Facilities and Clover Leaf Interchange at Dartmouth

Not far beyond the Dartmouth approach abutment follows a Toll Plaza
with the comnection to the existing Princess Margaret Boulvard. Access
is available to the Beford Institute of Oceanography and the Northern
district of the city. About half mile to the east of the Plaza, there
is a full Clovex-Leaf Interchange "8" (Fig. 5.1) which runs into down-
town Dartmouth. Ime east the expressway passes north of Albro Lake, a
second semidirect connection Clover-Leaf "(" placed between Lake Banook
and Lake Mic-ilac. On the Halifax side a three level interchange and

two railway over-passes were constructed.

Due to the lakes so ideally situated, many drainage problems were
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solved, thus preventing a high cost for an alternated drainage system.

On the other hand, motorists enjoy a scenic drive from interchange
wB" {o interchange "C". The hilly country side sprayed with pine and
beech trees together with albro Lake attracis pleasure trips for tourists

and local inhabitants.

5.2.1 Toll Plaza

About 2,000 feet to the noxrth of the abutment is the locaiion of
the Toll Plaza (Fig. 5.1). It fléres out from 52 £t. to 205 ft. gutter
to gutter, this width constant for 300 ft., and then converges to a four
lanes expressway divided by a four feet median. In order to minimigze
the possible congestion, the toll station itself consists of seven-lanes
on either side. Two 2-lane Tamps blend with the existing Priﬁcess Mar-
garet Boulvard, from which an exit is connected with Bedford Institute

of Oceanography.

On the south side of the Flaza stands the adninistration building
whicn, together with its maintenance space accomodation, cover an area
of 45 f£t. by 215 ft. Between this building and the ramp; a paved parking
Jot is available which, together with an auxiliary lane, are privileges

used by the employees.

5.2.2 Clover-Leaf Interchange

2,000 ft, east of the Toll Plaza lies interchange "B" servicing two
freeways. (Fig. 5.1) The outer connection of the Clover-leaf are on
tangents with curves at the ends. This favors hign speed merging and

diverging for freeway traffic to and from the outex connections. The
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weaving sections of approximately 500 ft. on both freeways, appear adequate

to accommodate the high weaving volumes.of 1050 vph on both freeways.

Due to the undulating terrain, the south-west outer connection was
designed with an 8% upgrade in 1,400 ft. A climbing lane of the same

length was provided, since loaded trucks reduce speed unduly.

The two north loops have constant radius of 150 ft., while the
. soutb-east loops have minimum radii of S0 ft. This permits an average
speed cf 25 to 30 mph, while the outer connections are designed for
speed as high as 40 mph.» All these ramps are single lane, 18 ft. wide
vith 7ft. wide shoulder on either side, this in turn provides easier

manoeuvrability and safety.

The south and north legs of interchange “B"™ link the business center
of Dartmouth {to the Industrial Pa.rk on highway No. 7 which will help

stimulate industrial development.

5243 Semidirect Connection Clover-Leaf Interchange

Interchange "C% (Fig. 5.1) is a partial cloverleaf with a semidirect
connection. Ioop ramps are provided in two quadrants, while the semi-~
directional ramp projects from the west outer comnection. The predom=
inant turning movements are accommodated on direct connections which
form a separate highway to one side of a partial cloverleaf. In this
type of interchange, an additional structure is required, but a weaving

gection is eliminated on each of the intersecting freeways.

The minimum radius of the loop is 170 feet. Tois pernits a ramp

speed between 25 to 30 mph. The width of the loops ani the outer con-



32

nection is 18 f%. with 7 ft. shoulder on either side.

The distance between two interchanges is about one and a quarter
miles, a median of 14 ft. from gutter to gutier is inserted. The south
end of the underpass freeway blends with Woodland Ave., while the north
joins the new Lakeview Drive, This provides rapid access from both

downtown areas to the Halifax International Airport.

5¢3 Three Level Interchange and Wew Facilities at Halifax Approach

The Halifax approaches encountered congested site conditions due
to the existing C.N. Railway, public utilities and narrow land access in
parts. This lead to the choice of a taree level interchange (Fig. 5.1)
which solved the crossing of the railway tracks. However, a réilway
bridge was unavoidable as the approach, directly from the main bridge
was céntinued west to join the distributed roads linking to the city
streets. This location demanded many high retaining wallsvalong Robie

street and the Railway Tracks.

The approaches to the bridge were located north of the city of
Halifax, so traffic was distributed by three main arteries into the
metropolitan area. Un the east, Barrington street was linked, another
leg extended to the south, which blended with Robie Street, leading to
the proposed dorth-West Axm Bridge, and the third fed the industrial

ereas via Bicentennial Drive at Mairview.

Phe existing angus L. iiacdonald Bridge located 1% miles south would
be relieved of traffic from outlying areas whicn have been growing in

population at a rapid rate.
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CHAPTER 6

CHOICE OF ORTHOTROPIC DiCK SYSTEM

6.1 The Economy of Steel Plate Deck Construction

The Orthotropic Deck System has resulted in substantial reduction
of dead weight for long-span bridges, and more recently has found appli-
cations in the design of medium and shoxt-span bridges. A greater saving
" is expected for longer spars winere the reduction of dead weight would
be a more imporiant facior. Even for short-spans, the price differential
between a reinforced concrete deck and a thin wearing surface for oxrtho-
tropic plate construction may result in a net saving, in addition to a
considerable saving in the substructure cost. Experience shows that
highvay bridge spans of less than 100 ft., the weight of an orthotropic
plate bridge is about one-third of the weight of composite construction
of reinforced and steel.2 However, the savings in cost are smaller than
the savings in weight, since the cost per pound of erected steel is
higher foxr steel plate deck bridges than for conventional girder bridges.
It is found that the fabrication of the orthotropic deck gemerally requires
more man-hours. This offsets the economy gain in weight savings. How-
ever, a reasonable net cost saving is still in favor. It should be
noted that in Europeah and Asiatic countries, labour cost is much cheaper
than here, and, in most case the material saving alone decides the choice

of the design.

6.2 advantages of the Ortnotropic Deck System
Phere are many advantazges to employ an oxthotropic plate in various

types of bridges.3 4 The salient points are as follows:
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1. Steel Weight Saving

The Steel Weight Saving is about one third of the conventional
desigﬁ for snort or medium spans. It becomes remarkable as the bridge
spans increase. Literature shows that (a) the Duesseldorf-ileuss Bridge
(b) the Save River Bridge and (c) the Cologne-Muetheim Bridge were
destroyed during the war. 4ll these old conveﬁtionally designed bridges
have been replaced by orthotropic deck types which give steel weight

savings of (a) 25, (b) 44%, (c) 555 respectively.

2. Cost Saving

Experience indicates that, on the average, 15% to 207 more man~hours
per ton of fabricated and erected steel are needed for a steel plate deck
bridge than for a girder bridge of conventional construction. This can
be compensated by the favorable steel weight saving. Therefore, a reasonable

figure for net saving in cost is about 15%.

3, Depth Reduction on Saving
The depth of structure reduction reduces the cost of the approaches
~to high-level bridges and allows flatter approach grades. The slenderness

of the spans attributes an aesthetic appearance to the structure.

4. Bridge Deck Savings

The direct savings in the cbst of structural steel is obtained by
replacement of a reinforced concrete deck by a less expensive wearing
surface. Generally the cost of the usual 7" reinforced concrete deck
slab is alwmost two to four times higher than the 2" wearing surface to

the top of steel deck.

5. Full Utilizaticn of Materials
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The orthotropic deck plate serves several structural functions, such
as the upper flange of the longitudinal stiffening ribs, the transverse
floorbeams, and the main girders. This reduces further dead weight of

the supporting members.

6. Increased Factor of Safety

The safety of an orthotropic deck system against failure due to a
concentrated load is considerably greaxei than that of a conventional
bridge floor, since a local overload on a steel plate deck causes an
elastic and, eventually, plastic stress redistribution to the adjoining
elements rather than an immediate failure of the member. If the local
load be further increased beyond the critical limits, the eventual failure
would be a local one, affecting only one out of the many ribs in the

deck, without destroying the overall usefulness of the deck,

7. Erection Efficiency

Yiost of the steel components were prefabricated and assembled at
site. This is a remaxkable time saver and increases the efficiency in
the erection procedure. The other impoxrtant factor is the concrete
construction confined to one operation instead of two for foundation
work and for pouxring of the deck after completion of the steel framework.
Elimination of one concrete operation tends to shorten the erection

period.

8. Substructure Savings
The dead weight of the orthotropic super-structure is almost half
to one-third of the weight of conventional bridge superstructure, this

in turn obviously reduces substructure size. Records show a saving of
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10/ to 155 on substructure work can be achieved by the use of an ortho-

trépic deck.

In addition, the appearance of an oxrthotropic bridge is pleasing.
Therefore, the design of these bridges was governed not only by financial,
practical and technical requirements but also to a great extent by aesthe-~

tical and architectural consideration.

6.3 Choice of Structural System

The choice of structural system depends on the foundation conditions
and the navigation requirements. A minimum center span length of 1,400 {t.
due to the final adjustment of the alignment, was set by the Consulting
Engineers at Site Mo. 1. As the cable anchorage could be placed out of
the water on both sides and all the substructure could be founded on
rock, the site conditions were ideal for a suspension bridge. In recent
Years, the cable stayed bridge has been increasingly chosen in the span
range of about 600 ft. up to 1,100 ft. or even more. At the time of

design, suspension bridges were the economic and efficient choice.

In order to obtzin an optimum design, three different types of
suspended structure were chosen to carry out prelinimary designs5:
Type 1. The standard type with a concretefilled steel grid deck.
(Fig. 6.1)
Type 2. The truss type with orthotropic deck acting with the trusses
in bending (Fig. 6.2) as finally adopted.

Pype 3. The single orthotropic box type (Fig. 6.3)

For the reason of comparison the same vertical bending stiffness
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was employed for each type, thus giving similar moments, shears and de-
flections for each. The truss depth of Type'1 was 14 ft. while the
orthotropic deck of ije 2 was merely 9 ft. 6 in. For the single
orthotropic box girder of Type 3, the depth was 7 ft. which possessed
the same stiffness value as the previous two types. The floor beam
diaphragms of Type 2 and Type 3 were spaced 15 ft. 10‘in., while théy

were spaced at 31 ft. 8 in. in the standard deck of Type 1.

Complete cost studies of Type 1 and 2 showed an approximate saving
of 15% in favor of Type 2, and the total dead load was 21% lesser than
Type 1. Cost studies of Type 3 were not completed but the suspended

steel weignt was found to be 16% in excess of Type 2.
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CHAPTER T

SUPERSTRUCTURE DESIGN

7.1 Geometrics of the Bridge

The four-lane new suspension bridge has a 1,400 ft. long steel main
span flanked by 513 £t. 10 in. side spans. (Fig. 7.1) There ave four
125 ft. spans and five 150 ft. spans on the Dartmouth approach, a.nd three
125 ft. spans on the Halifax approach. The main span provides a 165 ft.
vertical clearance from Low Water Level which is =3.79 ft. on the geodetic
datun. The main cables are 57 ft. apart with a 48 ft. roadway throughout
the bridge. The deck surface is specially treated to protect it from

corrosion, and is topped with a 2 in. epoxy asphalt surface.

The final roadway elevation center-span was derived as followss

Elevation at Low \fa.ter Level ‘ - =379 £t.
Vexrtical Clearance ' 165.00
Calculated maximum deflection ‘ 8.49

Vertical distance from crowvn of roadway

to bottom of sfiffening truss 11.51

Elevation of crowa of road at centerline o 181.21

For the deck profile of a suspension bridge, the common procedure
is to provide a constant side-span gradient, with a parabolic transition
across the central span. dowever, in this case a 1,800 ft. parabolic
vertical curve was extended 200 ft. onto both of the side spans. Beyond

this point a 4% grsdient was employed, The maximum angular rotation of
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the truss at the towers due to uniform live loading and temperature gives

a change in grade of 2% which is acceptable in suspension bridge design.

The roadway-profile having thus been settled, that of the cable was
established therefrom. The relation of span to gag for the central span
varies from 1/9.5 to 1/11.5 without serious effect upon either-economy
or appearance. A sag of 128 ft. was adopted, and the consequent span to
seg ratio of 10.94, closed to the optimum ratio of 11. With this ratio,

the rigidity of the cable would increase to fevourable result.

Depending on the cable diameter, the shortest practicable length of
a suspender-rope, and the depths of truss and floor beam, the elevation
of the center-line of the cable at the mid-point of the ceniral span was
established at 187.0 ft. above datum; and the elevation of the intersection
of cable-~tangents at the main saddle became accordingly 315.0 ft. The

top of the tower was then fixed at Hevation 311.0 ft.

The elevation of the cable-intersection at both cable-bents, also
established at the lowest practicable level, were 153.0 £t. The side-
span sag, depending upon the central span sag and upon the relations of

dead loads and spans, was approximately 17.24 ft.

7.2 Suspension Bridge loading

The design live loading selected for this bridge was the H20-516
truck load and an uniform live load of 500 pounds per linear ft. per
lane was congidered. Truss design was governed by all four lanes load,
giving a design live loading of 1,000 pounds per linear ft. per truss

with no reduction factors for multiple lane loading.
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Impact was applied to all superstructure elements of the crossing
except the cables, anchorages and towers. No impact was applied to the

substructure and to the uniform live loading.

Wind loading is based on the Hational Building Code of Canada,
Supplement No. 1 and No. 3 of 1965. In Halifax, the maximum wind gust
speed for a 30 year return period is 88 mph. With the height factor of
1.4 at the deck elevation, this gives a wind gust speed of 105 mph. For
the stiffening truss design, the exposed area is 6.02 sq. ft. per foot
of bridge, and the total lateral wind load on trusses, deck and fence
is 460 plf., compared to the minimum value of 450 plf. as given in C.S.A.
-S6 ~ 1966. Wind on live loading is 100 plf., and on main cables is 53

plf. horizontally.

The bridge was designed for a normal temperature of 55 °F. The

effect range of this temperature varied from +105°F, to -20°F.

7.3 Orthotropic Deck and Floor Truss Design
Te3e1 Geneial

An orthotropic bridge deck generally consists of steel plates stiffened
at the bottom by welded stiingers and floorbeams spaced unifoxmly in the
longitudinal and transverse directions. Since the stiffeners have differ-
ent geometrical properties in two mutually perpendicular directions and
are not symmetrical with respect to the middle surface of tne deck plate,
the monolithic unit is sometimes called an orthotropic plate with eccentric
stiffeners. There are two basic types of stiffeners for orthotropic plates
commonly known as torsionally soft ribs i.e. open ribs and torsionally

gtiff ribs i.e. closed ribs. The former offers little resistance to
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Yorsion, while the latter provides considerable torsional resistande.

In analysing an orthotropic deck system, the basic equations descri-
bing fhe stresses and deformations can be formulated directly in accor-
dance with tne linear theory of elasticity. However, they are not used
in design because of the mathematical difficulties involved in the solu-
tions. 4n alternate approach is to assume that the oxthotropic plate
may be replaced by an anisotropic plate having elagtic properties sym~
metrical with respect to the middle surface of the plate. This is kunown
as duber's equation, a fourth order differential equation. Even this
approach.inyolves a great deal of mathematical and numerical operations.
From a practical point of view, approximate methods are acceptable for

design purposes so long as the errors are small.

A simplified design procedure had been developed by eliminating some
parameters in Huber's equation which were believed to be unimportant in
design. Thus, the deck blate with longitudinal xribs was treated as a
continuous orthotropic plate supported on rigid main girders and elastic
floorheams; The design computation was broken upon into iwo steps: (1)
The moment in the continuwous plate supported on rigid floor beams; and

(2) effects of the elastic flexibility of the floorbeams were determined.

In 1963, ALSC published the "Design lanual for Orthotropic Steel
Plate Deck Bridges," which promptéd great interest for this construction
on this continent. VThe manual recommended a simplified design method
developed by Pelikan and Esslinger.6 The method avoided the need to solve
the eiéhfh oxder differential equatiohs based on the exact theoxy or the

fourth order differential eguation based on Huber's theory for anisotropic
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Plates. This manual also provided design charts as well as shortcut
design formulas to facilitate numerical computations, This important
development enabled engineers to apply optimum design hethods to obtain

economic light weight structures.

7+3.2 Dimensions and Section Properties
A. Dimensions

The design and analysis of the orthotropic deck in this Bridge
followed the recommendations of the AISC design manual ang charts from
this manual are referred to in the text. The general layout and the
typical cross section of the bridge are shéwn in Fig. 7.2 and Fig., 7.3

respectively.

The closed ribs were rounded at the bottom and inclined at both
sides. They were 4 in. thick and 11 in. deep at 2 £t. centers. All ribs
were sealed with 5/16 in. vertical diaphragm plates at both ends of each

panel in order to prevent corrosion of the inside of the ribs,

The thickness of the deck plate was determined with the equation
tp > 0,07 a 3[§'= 0.34 in. A thickness of 3/8 in. was chosen, by limit-
ing the plate deflection to 1/300 of the Plate span under the action of an

H20-516 track wheel with 30j% impact.

The floor trusses were located at suspender points and mid-way between
them, giving an economic span of 15 ft. 10 in. for an orthotropic deck with

closed ribs.

B. Section Properties

l. Closed Ribs
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The section properties were computed with the effective width

of the deck plate. Each rib was designed for one wheel line loading.

1., The values of IR and SR

Effective Floor beam spacing

8 0.7 s = 133 in.

1
a _& _ 0.0902
8,

where a = e=1l2 in,

From Chart 1.

0 eO
—_— o - = 1,08
® e

The effective width of deck plate acting with one rib.

-
o

(]
a + e = a

0 .
23+ 2 e = 25, .
o o a e °© 25.92 1n

The section properties of the ribs were:

- 238 in® ; Spo = 85.8 i3 ; S, = 27.6 in’ .

Ip RT RB

The Section Modulus for top lateral system, consisting of truss

chords, deck plate and ribs was 7250 inz- ftz.

2. The torsional rigidity

5aZ

6 . 2
GK = G Ii/tR) T (w/tp) = 2,80 x 10 k-in

1

- g

s 1+EIP(‘1' )( )(J+L+M+N)=z.61

2A

vhere A-n (2) .2 (B - 4= cos) = 95.15
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I = (DG = 0.204

L~---'(7\ B )?

in which A= 113 +

C
+ D = 00652

B=—2-T- (1 - cogB) = ~0.874

C=g-4~(£)5[-i(1+%cos/5)-/5(%+cosﬁ)+-b—’—(-a‘2—ul-
47

(B - ___L2_a_;t~__a_) (1- cosB)| = 8.2
21' 12 :r .
tp
where €=(% )2 = 0.296
Y

. 12 . <2
D= % (-:EE;--)3 {% (B- -5% cosf)+ h (a 1; i‘% ns .Ll:lr 10,214

L a— A - B) = 0.097

3 . 2
M z-lf; (-:!;:)3 [—%—-- 2(1+0) (-2-%-/3003{3) +L——-)-1+é\ .

(B~ -%; cosfd )]n -0,01034

Et3 5
Et .
EI L = 2 - 140 k-in/;

The effective rib span used in the computation of the torsional rigidity

8, = 0.81s=154 in.
2
2 c
rh_ h 2 2 ;
H=3 ( > (c1 +C102+3)=0.0§b8

iy g1 ) = -
¢, =R- 3 (14 N) = =0.42
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C, = -3— (1= cosB) =A( —"’-‘—2-;—1) = 1.273

The effective torsional rigidity, H, of the deck is

: 6 . 2
_ AG X - 2.89 x 10 _ k~in"/.
B=3(gye ) =2 (G Gamay ) = 13,070 /sn.

II. Floor Beams

The effective spacing of unequally loaded floor beams;

8° = 8 =15 ft. 10 in. = 190 in.
The floor beam system in this orthotropic bridge consisted of a
top beam supported by Warren Truss, Fig. T.4. Tnis kind of composite
revealed a five spans continuous beam. Different stages of design were

considered.

1. Floor beam only:
The floor beam located above the floor truss was designed as a five
span continuous beam with interior spans of 14 ft. between floor truss

panel points. The effective floor beam span was:

\y = 0.8 = 134.2 in.

then 3

8 190
T; = 154.2 = 142

From Chart I s,/ s¥ = 0.33

The eifective width of deck plate acting with one flooxr beam wass

8, = 0.33 s* = 64.5 in.

The moment of inertia and section modulus of flooxr beam weres

= 1,319 in.4 Spy = 384.0 in’ 5 S_ = 82.1 in’

I
F ¥o
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2. Combined floor beam and top cnord of floor truss:

The effective floor beam span 11 and effective width of deck plate

were the same as above.

The moment of inertia and section modulus of the combined floox

beam and the top chord of floor truss were:

I, = 4,190.9 in® ; Sy, = 520.0 in® ; S, = 236.0 ir’®

3. Combinred floor beam and floor truss as a whole

\‘ = | = 57 £t. = 683 in.

x
1% _ .
3\ " e 0.278
80
= =09

S

The effective width of deck plate acting with one floor truss was:

s, = 0.93 8% = 177 in.

Phe moment of inertia and section modulus of floor beam and the floox
truss werxe:

I= 158,500 in? ; S, = 8,800 in” ; Sgy, = 12375 ind
4. Floor truss only

The moment of inertia and section modulus of the floor truss weres

I= 63,906 int Spy = 15151 in’ 3 S = 1,102 in?

Fo
C. Relative Rigidity Coefficients

I. Ratio of H/Dy

The relative rigidity ratio:
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H/Dy = 0.0453
ilnere Dy was the deck rigidity in the longitudinal direction:

Elp

. 2.
——— = 288,000 k-in /in.

Dy'—’

TI. Relative Rigidity Coefficient

The relative rigidity coefficient was calculated in three different
cases:

1. Consider the floor beam as a continuous beam with a span of 14 ft.

between panel points acting above the top chord of the floor truss.

I
V1=t F__ =0.003s5
(a+e)s'n IF
2. Consider the floor beam and top chord acting together as a contin-

uous beam with a span of 14 ft. between floor truss panel points,

Y, = 0.00115

3. Consider the floor beam and floor truss a whole unit with a span
of 57 ft.

'{3 = 0,02055

7.3.3 Design of the Orthotropic Deck by Charts for H20-516 Loadss
A. Bending Moment in a System with Rigid Floor Beams
I. Live Load Moments in Ribs
1. Moment at Mid-Span:
The wheel load of 16 kips with 30% impact, which gave 20.8 kips was
adopted in the design criteria.
For loading ¢, the moment was obtained from Chart 10.

M, = 17.0 k-in/in. = 408 k-in/rib
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For loading Cyo the moment was obtained from Chart 12
M, =174 k.in/in. = 418 k.in/rib

Hence, loading c, governed the design. Due to additional wheels in
the transverse direction of the bridge, an increase in the bending moments

of approximately 1% to 3 resulted.

2. lMoment at Support

From Chart 13, lczding &, the moment at support was obtained.

MS = "20.2 k‘in/ino

Mp o= =g (at+e) = =485 k-in/rib

II. Dead Load Moment in Ribs

The dead load for the designed ribs was 104 lbs/ft., which consisted
of 3/8 in. steel deck plate, % in. rib plate, 2 in. wearing surface, paint,
weld etc. The rib was considéred as a continuous beam under uniform dis-
tributed load. The degd load moment, at mid-span Iy = -%SE = 13.03 k-in/rib,
and at support M = %%— = 26,06 k-in/rib, was calculated by the conventional
method. Ih the case of a longitudinal splice, an additional weight of 30 lbs/
ft. was considered. An the dead load moment at mid-span and at support

were 16.8 k-in/rib and 33.6 k-in/rib respectively.

JII. ILive load and Dead load lioments in i#loor Beams
There are no available chart or table in tne manual for the contin-
uous beam as in this case. Structure analysis in this stage was quite

complicated.

The impact factor for the floor beam design was 0.275, the H20-516

truck wheel load with impact P = 16 x 1.275 = 20.4 kips. Two kinds of
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loading, case A and B were considered, and the location of trucks which
gave the maximum loading to the floor truss is shown in Fig. 7.5. The
meximum floor beau reaction Fo on ribs were computed by:

For lcad in panel O -1 and

F
2.1 NARY o0 (X3
5 =1 2.1962 ( s) *1’196‘(5.)

For load other than panel 0 -1

i L Ly2 Xy3 T
F-= [—008038 8 + 105923 ( s ) '005885( S ) ](-0.2676)

The maximum reaction:

F = 53,6 kips (or 26.8 kips per wheel line loading).

Three lanes loaded was the worst case, Fig. 7.6, and the maximum L.L.

Moment occurred at 30 ft. 6 in. from either edge, with a value of 1428.0k-ft.

Phe floor truss was analysed in the conventional method. The diagonal
live ioad force was =114 kips, and the dead load force was -35 kips, and
a W 31 was provided. The bottom cnord of tne floor truss was in a squave
box form with 5/16 in. plates. The maximum live load in the bottom chord

was 155 kips and the dead load was 48 kips.

The forces in the top chord of floor truss and floor beam were com-
bined together. The maximum live load was ~148 kips and the dead load was
-49 kips with the superimposed dead load of ~-18 kips. In accordance with
CSA-S6 specification, all the live load in the floor truss had been mul-

tiplied by a reduction factor of 0.9 for three lanes loading.

The erection dead load moment was 258 k-ft., and the superimposed dead

load moment due 1o wearing surface and railings was 162 k-ft. At the
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erection stage tae direct stress in the top chord was 2.63 ksi while tihe

bottom chord stress was 2.49 ksi.

B. Effects of Floor Beam rflexibility
I, Additional MHoment at Mid-Span of Kibs

The loading used in computavion of the bending moment increment,
AMR’ due to floor beam flexibility is shown in Fig. T.7. The worst case
was when four lanes were fully loaded with a whole truck on each lane,
even with 25% reduction. In accordance with CSA - S6 specification, the
maximum moment occurred at the critical rib being 30 ft. 6 in. away from
the edge. As mentioned before, 16 kips wheel load with 30% impace had been

adopted. Then the additional moment at mid-span of ribs should be:

Q’lx Fm .'j.im
2y L

AN, = Qs (ate)

where Q, = -2% = J-%c%-'-i = 0,800 k/in. |

s = 15 ft. 10 in. = 190 in.

(at+e) = (12 +12) = 24 in.

Q’lx 8 nz . ng .. nd
o== = =3 cos 5 sin
Q n 1

i sin T sin X = 0.,5426

!

From Chart 22 and 23 with Y= 0.0206

F.F.
2}2' 'Jslm = 0,0203 for loading case ¢
and = 0,030 for additional loading case hy
Then Ay = 34415 k-in/zib for loading c+h, and four lanes loaded.

Since the L.L. moment in the xibs, loading °, was worse then loading c,

therefore AmR = 29.50 koin/xib for leading c,+h; was used.



II. Further Effect of Fflexibility of Floor Beam Alone

" pe floor beam alone had further flexibility and deflected locally
between truss support points. This additional flexibility corresponded
to the span between truss supports, and thus also produced an additional
moment for the positive moment regions of floor system. In this case
two lanes loaded with a truck on each Fig. 7.8 governed the design.
Employing the above formula gave Ail, = 8.22 k-in/rib for loading case
<>+h1 with Y= 0.0037. Again loading cy + h1 gave AMR = 6.85 k-in/rib and

this was used due to loading 4 produced higher L.L. moment in ribs.

III. ioment Relief in Floor Deams
Due to floor beam flexibility, there was a reduction in the moment
by the rigid system. This bending moment relief in the floor beam moment

was computed by:

o
where | =57 £t.  Impact = 0.275
Q = -2-%'; - 3—6—-‘—55%-'—"312 = 0,785 k/in.

Ax 0.3745 for three lanes loaded.

Q’o
Then AMF = 193 k~ft. for loading case A
And AI\‘LF = 120 k~it. for loading case B

Since this was a relief moment loading case B had been adopted.

C. Maximum Stress in Ribs
The maximum longitudinal stresses in %he rTibs ere given in Table T.1.

The flexural stresses are determined by using the section modulus.
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In the orthotropic deck stresses were defined as:

System I: Deck plate and ribs acting as top caord of stiffening truss,

and top lateral system.

System II: Deck plate and ribs under local flexure due to wheel loads.

The Normal Unit Stress (i¥.U.S.) for a rib in tension was 0.6 fy =
24 ksi and tne compression was determined by inelastic overall buckling

of the deck N.U.S. = 0.6 fcr = 0.6 x 37.4 = 22.4 ksi.

By investigation, rib 3, Fig. 7.9 was the critical rib for maximam

negative rib bending moment. Since the floor beam and floor truss flexi-

bility effects were small at rib 3, they could be neglected. For maximum

positive bending moment at middle of rib span, rib 13 was the critical

ore, the effects of floor beam and floor truss flexibility were included.

Loading combination for ribs were tabulated as follows:

System I_ & DL + LL + T . 1.0 #.U.8.
System I s DL + LL + T + 4WL + WLL 1.0 N.U.S.
System Ic ¢ DL + WL | - 1.0 d.0.8.
System II : DL 4+ TLL + I 1.0 N.U,.S.
System-Ia + 11 1.25 N.U.S.
I, +1I 1,40 H.U.S.
Where DL = Dead Load WLL = Wind Ioad on Live Load
LL = Uniform Live Load TLL = Truck Live Load
T = Temperature 1 = Impact

WL = Wind Load

Systen Ic alone did not goverm, and wind stresses were low at rib 1
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hence stress combination for system Ib was given at rib 3 only.

D. . Bending lloment and Stiress in Floor Truss

Table 7.2 shows the bending moment and stress in the floor truss.
The combined stresses in the floor beam and the top chord of the floor
truss by dividing the force li/d by the top cnord area are snown in

Table 7. 3 and Fig. 7.10.

E. Critical Buckling Stress for Rib Plates
I. Iocal Buckling of Rib Plate

In calculating the local buckling of a rib plate, two systems of
stresses were considered. System I produéed wniform compressive stresses
while System II gave bending compressive stresses in the ribs in the

negative bending moment area near the floor beams.

Investigation snowed that under the truck load, the % in. thick ribs
buckled at a lower stress than the 3/8 in. thick deck plate with 12 in.

span and partially fixed ends. Fig. T.11.

System I
It was assumed that the rib was fixed at the deck plate and simply
supported at the bottom. From Table II-1 of AISC manual k value was

5:40, The ideal buckling stress, fi for the rib was

nlg

t \2 )
f. =k = (=) =53.3 ksi>f
P2 (12 B P

h : f = 0.75 f_ = 30 ksi

where p 75 ¥ 3
9‘-‘-003

BE = 29.6 & 103 ksi

h/t = 13/% = 52
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Since the ideal buckling stress, fi exceeded the proportional limit,

fp, the buckling stress became inelastic. The critical buckling stress,

fcr’ was smaller than the ideal buckling stress, fi' The actual critical

stress was defined by:

)
£,/ £, = 1/(1+ 0.1875 ( zf )2 ) = 0.904

and fcr = 36,2 ksi
where fy/fi = 40/53.3 = 0.75
System II

Since the loading cendition had been changed from A to C Fig. 7.12
with the same edge condition k value was 9.89. Wwith the same formula as

in System I, £, = 97.6 ksi and fy/fi = 40/97.6 = 0.41
. 2
Then fcr/fy =1/ (140.1875 (fy/fi) ) = 0.968
fcr = 3897 ksi

Of the total stress for the critical case, System II contributed
0.725 of an unit while 0.275 came from System I.
Then, System I + II combined has a critical stress of:

fcr = 0.275 x 362 + 0.725 x 3847 = 38.06 ksi

The critical buckling stress was taken as 38 ksi.

II. Overzll Buckling of the Deck
The floox beams of steel bridge decks of usual dimensions are suf-

ficiently rigid to act as transverse stiffensrs of the deck. Buckling

of the individual longitudinal ribs of the deck is impossible, because of

the elastic restraint provided by the deck plate and the adjoining ribs.

The ideal buckling stress for the deck was obtained by employing
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BEuler's buckling formula:

) X E__ 291500

1Uo(E)2 (2

= 117 ksi

IR = 238 in4 = the moment of inertia of a rib with effective
width of deck.

The area of a rib and the deck with effective widih A = 16.42 in2

1 .
T =E= 3.81 iNe

s = 190 in.

And s/r = 49.8 in.

Since fi = 117 ksi:»fp = 30 ksi, the buckling stress became inelastic.,
The critical buckling stress, fcr’ vwas smaller than the ideal buckling

stress, fi , &s mentioned before. The value of fcr was obtained by:
fcr/fy = 1-0.1875 fy/i‘i = 0.936

And £, = 3.4 ksi

Phis stress governed over the rib plate buckling. A&s mentioned
previously, this critical buckling stress was adopted to define the allow-

able compressive stress in the orthotropic deck system.

7.4 Stiffening Truss Design
T.4.1 General

The main purpose of the stiffening truss is to prevent large dis-
tortions of tne bridge when the live load extends over only part of its
_length. The stiffening trusses are subject to little ox no stress when
the bridge carries oo iive load. It can also be said that the function
of the stviffening trusses is to distrivute local live-loading among the

suspender ropes, &nd eliminating uneven roadvay-gradients such as would
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oceur if the cable were the sole restraining influence. In comparison
with that of tae loagea cable, however, the stifiening effect of long

span trusses, 3,000 ft. or over, is very small, and deflections are

slightly affected by its presence.

In general, the cable take something more than 95% of primary live
loads, therefore, the stiffening trusses are hardly of any load-carrying
members. Chord-stresses are thus to all intents and purposes directly
related to the moment of inertia of the truss. It would be seen that the
optimum truss-depth is therefore the minimum conéistent with effective

control of deflection, and aerodynamic stability.

In establisning the truss-depth, different factors should be con-
sidered. Contributing to this decision were studies of panel-length,

suspender-spacing, and overall-sizes and weights for shipment and erection.

7+.4.2 Dimensions and Section Properties
A. Dimensions

The stiffening truss is of the Warren Type, with a vertical membex
at alternate panel-points. The panel-length is 7 ft. 11 in. at top and
15 ft. 10 in. at bottom with slight veriations near the end panels. The
slope of the diagonals is approximately 50°. Fig. 7.4 Th? trusses are
two-hinged, but for structural and aesthetic reasons, the physical dis-
continuity at the towers has been largely concealed by the extension of the
upper chords as far as the ends of the trusses. The trusses, 57 £t. apaxry,
hang in the planes of the cables, and lateral X-bracing is provided be-
tween the lower chords. The spacing of suspenders is 31 ft. 8 in., lo-

cated at alternate vertical membeXs.
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The top chord of the stiffening truss is made up of two horizontal
plaies 3/8 in. thick and two vertical plates, % in. thick while the bottom
chord consists of four plates varied from # in. to 1 in. thick. Both of
these chords are in box form. The diagonals are I section built up with
% in. to 5/8 in. thick flange plates and 5/16 in. to 3/8 in. thick web
plate. The vertical members also form an I-section built up with 2 ~ 7 in.
x 3/8 in, flange plates and 1 - 174 in. x 5/16 in. in web plate for inter-
mediate verticals, while 2 - 8 in. x 5/8 in. flange plates and 1 - 162 in.
x 5/16 in. web plate are used for suspenders and truss bearings. Finally
the bottom lateral system is made up of 2 ~ 10 in. x 7/16 in. plates and

1 =(10-5/8 in) x 5/16 in. plates, with some increase in thickness at the

end panels.

B. Section rroperties

The vertical moment of inertia of tae étiffening trusses was calcu~
lated for tne contxol % Span and then taken as constant for the full span,
The moment of inertia of center span and side span was 5560 in2 b4 ft2 per
truss and 5140 in2 x ft2 per truss respectively., The lateral moment of
inertia of combined top chords and crtnotropic deck plate and ribs was

2

2
158,000 in® x £t° constant for all spans. The Young's lodulus was 29.6 x

106 psi and the coefficient of expansion € was 65 x 10‘7ft/1inear £t/°F,

To4e3 Stiffening Truss Analysis

For the computation of ecable pull, stiffening truss moments, shears,
slopes, live load and temperature deflections, the simplified and expli-
cit deflection theory developed by Ling-di Tsien7was used. I% showed a
great advance in design by eliminating the inconvenient successive app-
roximation approach. The method enables a direct computation of live

load horizontal cable pall to be made from any loading condition. The
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accuxacy of this method had been compared with the full classical deflec-
tion theory, and the maximum difference was found to be 1.5/%. A Fortran
computer program was wriitten for the Ling-ii Tsien method enabling pre-

liminaxry designs to be carried out very repidly for tne stiffening trusses

at each of the proposed sites.

Many researchers have shown that the "elastic theoxry" is not accurate
enough for the exact design of a suspension bridge. The "deflection
theory" is more accurate but is very tedious and involves many cut~and-
try processes. The "trigonometric series" method developed by S. Tino=-
shenko has distinct advantages over the original deflection theory method
in several respects; but the expressions are not completely explicit, and
the computations are lengthy and involved. Moreover, the location and
magnitude of maximum bending moments and shears in a stiffening truss for
various loading conditions cannot be determined directly without trial and

exTrexr.

The ;mportant features in Ling Hi Tsien simple method are that:

l. When the live load moves on the bridge, the horizontal ten-
sion in the cable varies very closely according to certain
circular functions irrespective of both the ratio between
the dead load and live load, and degree of stiffness of the
truss; and

2. The equations of moments and shears can be reduced to ex-
ﬁlicit and simple forms in nyperbolic functions which are
suitable for the direct determination of maxima by mathematics,

with acceptable approximations,
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In using this method, the calculated result is probably more accurate
than fhat obtained by the cut-and-try methnod at the first few trials. Tne
formulas are so clear and explicit tnat the saving in labour and mistakes
can be avoided. Because of its simplicity and accuracy, the method can

be used for preliminary design purposes as well as for the final analysis

of a .suspension bridge.

The design dead load was 5765 1bs/linear horizontal ft. and was
assumed to be uniformly distributed throughout the span. The horizontal

component of cable pull due to dead load wass
2 .
H = wl/ 8f = 5520 kips

The following are the design constants for Ling-Hi Tsien's definitions:

H
1

1/l = 513.83/1400 = 0.367
17°30" 5 sec oy = 1.0485

SO
-
]

£ (ufw ) (L )2 = 17.24 £t

-t
n

£4/14 = 0.03355

y
1

n = £f/] = 0.0914

n,/n = 0.367
B _ 1.0 =0.347

=%~ 2.882

Q=8f/pl° xE=5.224x10%xHE  For main span

Q =8f/ pl,2 x K = 5.224 x 1074 x E For side span

= 164465 x 10 k~t°
EL, = 15217 x 107 k-rt2

B=14+288 o g 450

HW l
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946 EIL,

B, =1 ¢ —m——
2
Hw l1

= 2.030

The factor Ns to reflect the effect of the side spauns

2
2r Rf  g41.2B
N_ = « T e = 0.0570
S gec? oy (1=2.35 nz) n® g+l

Due to cable stretch value of Ls :
3 2
L=Ll(sec®+ 8n%) = 3,435.6 ft.

Due to temperature change, value of L + H

L, -;_i‘_[(sec2o<+ 1-63- n%) = 3313.5 ft.

r2 a4

B
et B1 = 0,02598

And S =
sec? 0(1 (1-2.35 n2)

The factor Nc to reflect cable stretch

H L '
0.18 W 8
N =9d8T . 8. (8., 3) = 0,2052
c 02 EA, 1 1.2
The factoxr N + and T in relation to temperature change for 50°F rise

g . Os187€A% Ly
t n° |

3
T 23, = 0.055%

= 0,01722

for -75°F

Ht = §.02583

T = 0.0834

Dnomsl o= 1+ NS + Nc = 1.2622
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D, =1+ N+ N+ N = 1.279%
D, = 1+ 8+ N, - N, = 102364

A. Central Span

I. The maximum positive moment in main spen

Case I. Fige. T.13

Case Condition : Maximum temperature rise + load from one end + no load
on side spans

Try with X, = 0.22\ = 308 ft.

And = 0,383) = 536.2 ft.

k
+1

The horizontal component of cable pull due to live load.

2
H, = 3 (s:i.n2 KR T) = 396 kips.

£ 8L D, 2
E_+ A,
¢ = Cp =|—7FT = 0,005920
2 cx
K
Then +liaximum M = -—‘-2’-1{-2- (1-Q) tanh (ex ) tanh 5 = 15,535 £t
| A /

II., The maximum positive moment at center of main span

Case III. Fig. T.13

Case Condition : Maximum temperature + load symmetrica,). dout center line
| of main span + no load on side spans.

Try k= 0.341 = 476 ft.
12

S L

III © 8f D,

33

H (cos T T) = 637.6 kips.

Hw + Hf
EI

= 0,006043
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cosh ) cosh el

2
Then +iaximum M = 2%—2 (1-g)
. el 5

1 - 1 % _ cosh (ck)-‘l]

=1 ,500 k=£ft.

III., The maximum negative moment in main span
Case 11, Fig. Te13
Case Condition 3 Minimum temperature + side spans loaded + center span

unsymmetrically load from end

Try x = 0,211 = 294.0 £t.
And g = 03820 = 530.6 £,

B o2 2 KX, 25 + T) = 1,264 kips

1 =8 o, % 21 ’ .
H_+ A
¢ = | = 0,006349
12 ‘ ex_ -

Then - Maximun M = - -‘-’-5-"-2-— Q tanh (e x_ ) tanh —— = =11,434 k-ft.

: C

IV. The maximum negative moment atl center of main sban.
Case IV. Fig' 7013
Case Condition : Minimum temperature + side spans loaded + center span

symmetrically loaded from ends.

Try k_, = 0,337 | = 480.2 ft.
H_ = 212 (1~ cos B4 25 + ) = 999.1 kips
IV " 8L D_, 1 |

H + Hf
¢ =f = = 0.006221
FURN
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2
Then ~Max. M =-P—l—-[q (o2 __) _cosh(ck) -1
¢21° ( coch % ) cosh b
, 2
= =7,536 k-ft.
V. Haximum positive shear at ends
Case I Fig, 7.13
Case Condition: Same as previous Case 1
Try k= 0.257]1 = 359.8 ft.
2 . kips
o B 1 = (=i 2kn _ = 148
e ST (sin” 37 = 7)
Hw + Hf
C=i"wT = 0.005791
. el ¢l cosh ¢ (1-k) =1
Then + Max. V Cl (1"Q)tanh 2"’ Sim(cl)
= 138 kips

VI. Maximum positive shear at center of main span:
Case I and same condition as above, but

Try k= 0.5l = 700 ft.

2
Hp el (sinz—lgl-l-- T) = 665 kips

8 D, 2
Hw + ﬂf
¢ =|"pr = 0.006055
Then +liax, V = p—l—r tanh <l 80,2 kips.
¢ 2c 4

VII. WNegative shear
Case II. Fig. T.13

Case Condition : Same as previous Case II.



Try ok =0.2651 = 371 ¢,

Hi E?stl-;(cos 2T + 25 + 2) = 1504,5 kips.

HW+H

BEI

C =

= 0. 006484

1

Then wMax, V =-P-%- [Q, tanh <& °‘ °°Sgi§h(clik) =1 ] = -106.8 kips

VIII. Maximum hegative shear at center of span
Case 1I. Figo 7013

Case Condition : Same as previous Case II.

Txy k _=0.51 = 700 ft,
H =-—E—1-E(cos k’L-a-ZS-»T) 954 kips
II = 8f 21 p
'HW_IE’
¢ ==F7 — = 0.006215
Then ~Max., Vap—rta.nh—=-78 5 kips

B. Side Span

l. Maximum positive moment in side span

Case V. Fig. Te13

Case Condition : Maximum temperature + one s‘ide span fully loaded + no

loading on other spans.

2
Hv-é?p;l-;—(S~T)=-44ld.ps.

Hw + d
C, = — = 0,
1 i 0.005918
2 oy | o |
Then +Hiaxe M = ~2\1 (1=Q) tamn 12 L tanh -—JZ—J- = 17,040 k.T%,

2) 2
Cl-l
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II. lNaximum negative moment in side span

Case VI. Fig. Te13

Case Condition: [inimum temperature + L.L. on main span + L.Le on othexr
side span

2
Ho = gizp—l— (148+T) = 1,717 kips.

Hw + Hf
c1 - ‘ 5= 0,006828
\ .
ol ¢y ol
Then ~Max. M = W Q tanh 5 tanh e -12,776 k~-ft.
c
14

Shear force in Side Span

III, Positive shear at side span

Case VII. Fig. 7.13

Case Condition 3 laximum temperature + partly loaded from tower + no L.L.
on the portions.

Try k = 0.5 \1 = 256.92 ft.

2
Hnln-—-gl—(s cos® £ - T) = =64 kips

= 54,2 kips

LI

l 1
Then V T
IV, HMaximum sheaxr force at end
Case V. Flg- 7.13

Case Condition ¢ Same as previous Case V
2
0

H\, & 5?51—“ (5=T) = =44.3 kips.
+t
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W by
oy =[5 = 0.005918
7 pl e,
hen Max. V= ——L (1-Q) tanh —=—L = 157.1 kips.
4 \1 2 ,

V. Maximum negati*{e shear at side spans

Case VIII. Fige Te13

Case Condition : laximum temperature + L.L. on main span and one Bidé
span + partial load on other side span.

at x::k::o

0 :
p) . 2kn .
Byr1r = B¢ oW (1+5+5 sin '?.T{ +T) = 1,718 kips

H +H
W £
c1 —‘ foiy = 0.,00682
P 11 O.] 11
Then -Maxe V= = Q tanh —5— = =124 kips.
4 [1 2

Summary of moments and shears for the bridge is shown in Fig. T.14
C. Deflection

I, Maximum deflection at center of main span

Case III. Fig. T.13

Case Condition ¢ Same as previous Case III

2
IS X ST -
Hyop = gpa— (1-7) = 1,405 kips.
+ _
. 2, + "o | 0,006485
“l EI
Q= H-2 = 0,753
p |

Then maximum deflection at center of main span, approximate
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4 A
methods rzc 2 2\ 1-4

~ 384 * EL 2,2
384 1+c9}7

= 8454 Tt.

By more exact method the deflection = 8.49 at center of span.
IT. Maximun deflection at center of side span
Case V Fig. 7.13

Case Condition : Same as previous Case V

Bf D
Hw 4+ H
e, = |t = 0.006
Q H-Q-‘-'-E = 0,0235
pl

Then maximum deflection at center of side span

2 Lta-o e 2 1

= had 1 + = 3010 ft'
nc et 114EI 8 cosh ©1 i‘l

1 1 >

De Grede Change
I. Maximum change in grade for side span at tower
Cage V. Fig. 7.13

Case Condition : Same as previous Case V.

; |
p | . ) ,
0, L (1=08) 601995 = 1.995% say 2%

24 EI1 (1 +c12[21 )
10.5
Then Maximum total grade = 4% +2% = 6%

II, Maximum change in grade for main span at tower
Case II. Fig. 7.13

Case Condition : Same as previous Case II
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for k = 0.5 ) = 700 ft.
H= l—ﬁ—-(cos2ki+2s+‘r)_98 ki
8f D_, 21 = 984 kips
[H "+,
And ¢ =l = 0.00629
A

=15 =051
pl

V¥ (g -f (k)) ,
0, = g = 0,0161 = 1.61%
A= 24 EI 22
(1+ S5.57)

SZL- tanh 04} — cl\
cosh we
Where £ ()= 1 e = 0032
cl = 2 tanh &5~
Therefore Grade change = 1.61%, less than on side span
And Maximun total grade = 45 + 1.61% = 5.61%

7.5 Hain Cable Design 4nd Suspender Ropes Design

The maximum tension in the cables of a suspension bridge occurs when
all the spans are loaded, vith the temperature at its lowest point. Through-
out the cable, for any given loading, the horizontal component of the ten-
sion is cogstant, the tension itself varying with the angle of slope. In
the present case, the heaviest loading of the cables occurs waen the three
spans are covered with the uniform loading of 500 1lb/linear ft. per lane,
with the temperature at the gelected minimum of -20°F. For the computation
of cable pull, again the gimplified deflection theory method developed by
Ling-Hi Tsien was used.

162
tan 0(1 = 573.6% 043153
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4 1,
tan 61 = tanol, +~—— = 0.4494
L

~
g
91 = 24%12¢
wl?
H, = == = 5520 kips.

Maximum tension in the cable due to D.L.
Tw = Hw sec 01 = 605Q kips
o find the tension in the cable due to live load, the main span and the

side spans are fully loaded at normal temperature of 55°F

2
H= -é-f-%——- (1+28+T) = 1593 kips.
-t

. T = H sec 31 = 1,748 kips

Total T+ Tw = 1,748 + 6,050 = 7,798 kips

Factor of safety base on Minimum Ultimate Strength of Strands

o 300 x 61 = 2.35
1798 ¢
The working-unit stress adopted for tne cables was 90,000 psi with

wltimate strength of 150 tons per strand and minimum E = 24x106 psi.

Helical strands were used for the cables and not thé parallel wire
strands recently developed in the U.S. The parallel wiie strands are
economical for long spans that would previously have required cables to
be spun in place. There should be little difference in cost between
helical strands and parallel wire strands for shoxrter spans, the reduc-
tion in efficiency of some 4% in the helical strands probably being offset
by theixr greater ease of handling and reeling compared to parallel wire

strands.
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The natural grouping of parallel strands lying compactly in contact
is hexagonal, and that optimwn shape demands that the number of strands
shall be one of tne series 1, 7, 19, 37, 61, 91, 127 ete. In order to
avoid undue stiffness and weignt of strand on the one hand, and too cum~
bersome an anchorage-assembly on the other, the number in this case was
selected as 61, thevcorresponding strand-diameter being approximately
1-9/16 in., The total cross-sectional area of the cable was 86,7 sq. in.

Fig. T.15.

Wire wrapping has been proved to be a satisfactory method of pro-
tecting cables provided that care is taken 4o protect the galvanizing
of the strand wires throughout the manvfacturing, prestressing and
erection process and provided that the cables are régularly ingpected and
well maintained. In the final assembly, the hexagonal form is rounded
out by six cil-impregnated cedar-wood fillers, the whole being tightly
bound togetner by a continuous serving of Wo. 9 S.W.G. soft annealed
galvanized wire. The finished diameter of the cable is approximately

14~3/8 in,

In the design of suspender ropes, the governing suspender-load was
arrived at by consideration of two adjacent 51 ft. 8 in. panels of the
bridge deck. The trusses were assumed discontinuous at the ends of each
Panel and therefore capable only of bridging the space between one suspen-
der and the next. The trucks were then pleced on each lane to deliver the
worst possible reaction at the middle pair of the six suspenders involved

in the hypothetical case.

The type cf suspender selected consisted of a wire rope Fig. 7.16,

the ends of wnicn are atteched to lugs on the trusses waile the bright
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passes over a cable band on the main cable Fig. 11-15. The load is thus
shared by two part of rope. The sockets are of standard open type, each
having a pair of lugs. The lugs straddle of the truss and which like

the latter are bored to receive a %2 in. pin which in turn is secured by

a % in. cotter pin.

7.6 Specification for Cable Strands

A very complete specification was drawn up covering the manufacture
and fabrication of the cables. The clauses pertaining to the cable strands
may be summarized as follows:

"The wire for cable strands and suspender ropes were galvanized cold-
drawn bridge wire manufactured in accordance with the best current practice,
and were the product of a manufacturer of established reputation for this

type of wire.

4l1 steel for cable and suspender wire was made specifically for
this project and was so handled, marked and isolated as to prevent éhy

possibility of its becoming mixed with other lots or kinds of steel.

The maximum permissible percentage of certain elements in the steel

were specified as follows: carbon 0.85, phosphorus C.04, sulphur 0,04.

The galvanized wire was sufficiently ductile to be capable of being
coiled around a mandrel of a diameter three times that of the wire without

showing sign of fracture,

The individual wires of each and every main cable strand were con-

tinuous and unspliced for the full length of the strand.

The total metallic area of the wires in each mein cable strand, not
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including filler wires or galvanizing, was 1.422 Sqe in. The individual
wires of the strand could not be larger than No. 6 S.W.G. or 0.192 in.

norminal diameter measured before galvanizing.

In each strand the outer layer of wires was laid opposite hand to

the inner layer to minimize any tendency of the strand to twist.

Strands in respect to their outer wires were to be of right- or left-
hand lay according to their positions in the cable, so as to avoid exces~
sive bearing pressure in the saddles due to point-contact between wires of

© successive layers of strands.

Tensile strength tests were made from specimens cut from both ends of

each single wire length or coil of wire.

The minimum ultimate strength of the strand was not less than 300,000
pounds. The modulus of elasticity of the strand after prestressing was
not less than 25 x 106 psi of ungalvanized area up to 50% of the ultimate

strength."

T+7T Design of Bottom Latexal System
The bottom lateral system of a suspension bridge is controlled by
either one of horizontal wind pressure, live load torsion, or aerodynamic

effect. The design procedures are shown as follows:

TeT+1 Wind on Bottom Lateral System

To work out the exact distribution of wind load between the top and
bottom system is a tedious %task. The orthotropic deck acting with the
top chord is more rigid than the hottom chord and therefore is capable

of taking more load. For simplicity, consider wind acting on lower half



75

of_the stiffening truss to be taken by bottom lateral system, and further-
more, restitution from wind on bottom chord is ignored. Thens:
' The projected area per 15 ft. 10 in. panel = 36.1 sq. ft.
The Height Factor at Elevation of Deck Ch = 1.4
The Fullness Factor k Cope = 1.6

The Shielding Factor kx = 1,0

In Halifax, maximum wind gust speed'for 30 year return period is
88 mph. Then the basic wind pressure q=21 psf. and the wind pressure at
the Elevation of Deck = kCnmq_Ch = 47 psf. This is equal to a wind gust
speed of 105 mph. The force due to wind load at each bottom panel point

is shown in Fig. 7.17.

T+7+2 Iive Load Torsion on Bottom Lateral System

The live load toxrsion is produced by any loading which is not sym-
‘metrical about the éenter line of bridge. The worst case will be two
lanes loaded with 500 lb/Tt/lane. The simple beam reactions to the truss
will be R1 = 0.71 k/ft. Rz = 0,29 k/ft. This loading can be replaced by
a symmetrical and a skew symmetrical pair of loading. Fige T.18. The
symmetrical loads produce pure bending while the skew symmeirical loads
produce torsion. Only torsion due to live load is of interest in the
bottom lateral design. The skew symmetrical loading (iii) of 0.21 k/ft.
acts on combined truss and cable, the division of the load between truss
and cable depending upon the load system and the torsional stiffness of
the box section. With full depth floor trusses every 15 fi. 10 in. Fig.
7.4, acting as intermediate diaphragms, virtually, all the twisting lcad
will be taken by torsional action of the box system of trusses ani top

and bottom laterals. Due to the participation of these diaphragms, warp~
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ing can be ignored and pure tosional shear flow assumed, so that the tor-
sional moment Ht produces horizontal and vertical shearing forces on the

box V., V& wheres

h
"
h 24
¢ o
v 2b

Mt = Vh@ + V&b = Vb

And here d = depth of stiffening truss = 10 ft.

b = width of bridge c. to c. of truss = 57 ft.

There are three cases, in which the truss shear V depending on the
loading system can be defined.
Case &

Load on one side of the bridge only. Fig. 7. 19. This loading
will produce downward load on near truss and upward on the far truss, and
the torsional deflected shape will not have an intermediate node i.e.
n=1. From suspension bridge theory, the truss shear V is in terms of
bending rigidity EI and not in terms of torsional rigidity. Thus an equi-
valent bending rigidity EIT must be calculated reflecting the torsional
rigidity before the usual shear analysis can be applied. This has been
done by trial and error to choose an EIT value such that the bending
deflection under type (iii) loading using EIT is the same as the torsional
deformation calculated from the V values. Ihis technigue would only be
accurate if the deflected shape for bending and torsion were of the same
form, and to be precise a new calculation of EIT would be required for

each loading case. However, study reveals that with the very large values
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of EIT y the critical load lengths are long, and the deflected shapes for
bending and torsion under these long load lengths are of similar form,
The EIT analysis was carried out for a load covering the full span, and
also for a load covering half the span from tower to center line, and the
same value of EIT resulted from both cases. This value of EIT=1O,OOO b'e

106

k-rt° (compared the actual EI of 164.65 x 10° kert2) vas thus assumed
to be satisfactory for all cé.se A loads, as the critical lengths for maxi-
mum V all were in the range of half to full span load lengths. The Ling-
Hi Tsien method was used to calculate the V value, but it was found that
Elastic Theory gave V value within 10% for a bridge with this very high
EIT value. Thus superposition method could be applied with sufficient

accuracy.

For general case of loading for ma:d.mum positive shear at section
X is shown in Fig. 7.20. If kl = X and define the value of k2 (ox m2)
to give maximum shear at each point. By the following equation, the

value of m2 can be obtained.

. k¢ .
x sinhe ( 5 - k1) sinh-?—l-n sinh cm,
elD  cosh ¢ k, sin T T

By trial and error for
k=0, V32, V16, Vo, V4, 3V/8 ana 2

all give = ; = 0, =
g n, 0 except m, 0.222 fork_‘ 0

1o obtain maximum end shear.

And the sheaxr

D)\ sinh ¢ %- - k1) (cosh ¢ (1 -k.]) - cosh ¢ m2)
v, ==-;‘l— - Q + .

el sinh CE
cosh -é'
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cosh ¢ kl

Case B
Load on both sides, diagonally symmetrical Fig. T7.21, this loading
will produce equal up and down loads on any truss, and the torsional

deflected shape will have an intermediate node i.e. n = 2.

For this case the equivalent EI, would be higher than Case 4, and
Elastic Theory would be even more accurate and could be applied. For this
loading by Elastic Theory, there would be no cha.n.gé in cable tension,
thus H = 0. The shear equatioa iss

Va V' - Htan g
Where + V! = gimple span shear
$ = the inclination of the cable at the section considered.
From Fig. 7.22, simple truss shear for anti-symmetrical loading, the

general case k = 0.5 .
R =_§l__ (1 -k - 2n) where p_ = 0.21 kip/ft.

for Maximum +ve shear

Va—f(-—é--nz where m = 0

P
V=-—lﬁ(—l-m)2 where n = 0

Case C
Load on botn sides, but not symunetrically, This would require an
analysis of the type carried out for Cage A, but would become very com-

plex and is unlikely to be the governing load case for any point,

1743 Design of Bottom Laterals

The wind load and live load torsion is shown in Fig. 7.17 s vhere all

members were designed as a double acting system i.e. tension and compression.,
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Foxrce in each diagonal member was 3

P ($5:5)
And the allowable stresses in bottom laterals were:
Full wind only 1.0 NUS
Live load torsion only (no temperature effect) 1.1 NUS

Live load torsiom+s wind + wind on L.L. 1.25 NUS

It should be notice that wind on L.L. would not affect the bottom
laterals design. iost of the bottom laterals were governed by L.L. torsion
except some panels at main span due to aerodynamic effects. The average
area of bottom lateral was 12.22 sq. in. while area of 12.38 sq. in. for
aerodynamnic study was 1% less. This was insignificant and the design was

satisfied.

There were four types of bottom laterals depending on the critical
loading in the panel.
Type A Fige. T.25

An I section composed of two 8% in. by 3/8 in. flanges and a 103 in.
by 5/16 in. web.
The section area

» AG = 9,73 8q. in.

The radius of gyration r = 1.98

k}
T = 129

Capacity in compression = 84.6 kips

Capacity in tension = 197 kips

This type was used for a2ll side span except at end panels O to 12
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and 52 to 64
Type B Fig. 7.23
Same as Type A but composed of two 10 in. by 7/16 in. flanges and
a 10-5/8 in. by 5/16 in. web.
AG = 12.07 s8q. in.
T = 2.46
%%'a 104
Capacity in compression = 162 kips
Capacity in tension = 227 kips
This type was used for center span at panel 12 to 88 and for side
span at panel O to 12 and 52 to 64.
Type C Fig. T.23
Same as Type A but composed of two 10 in. by 4 in. flanges and a
10} in. by 5/16 in. web.

AG = 15028 Sq. in.
r = 2.5

Capacity in compression = 185 kips

Capacity in tension = 247 kips.

This type was used for center span at panel 4 to 12.

Type D Fig. T.23
Same as Type 4 but composed of two 10 in. by 9/16 in. flanges and a
10-3/8 in. by 5/16 in. web.

AG = 14.48 3Qs in.

r = 2054
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5%.3 101

Capacity in compression = 203 kips

Capacity in tension = 266 kips

This type was used for center span at panel 0 to 4.

7.8 HMain Tower Design
T.8.1 General Description of the Towers

The two main towers, of fixed base type, are shown in Fig. 7.24.
Bach tower is 290 ft. high with a pair of slender columns caxrying the
main cable-saddles and thus providing primary support for the suspension=
system. The tower is braced ito resist transverse loads, and is restrained
longitudinally at the top by the cables themselves. The saddles are attached
positively to the toweré. The two columns of each tower are built up cru-
ciform shapes, consisting of a constant 8 ft. x 4 ft. core section flanked
by two tapering wings, giving overall dimensioné of 8 ft. by 10 ft. at the
top and 8 ft. by 13 ft. 6 in. at the base. The sections are stiffened by

T-shaped load bearing stiffeners.

The importance of the appearance of the towers was realized from the
outset, and every effort was made by the engineers to mnder these dominating
structures pleasing to the eyes. To this end.the form and arrangement of
the tower-bracing were carefully considered, the X-type being selected and
possessing those satisfactory aesthetic gualities which normally derive
from a "functional" design. The tower diagonals are 2 ft. x 4 ft. welded

sealed boxes also internaily stiffened.

An inspection-ladder is provided in each chamber of the towexr columns.

These ladders are continuous for tne full length of the chambers, and
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mapholes give access irom one chamber to another at various levels. Enir-
ance to the interior of the columns is effected by doors at roadway-level
and at the base of the towexr. Otner access is located at the top of the
columns. Tnere are also fenced walkways along the top-struts. klectric
lighting is installed in all the chambers, the controlling switches being

pituated near the principal points of entrance.

7.8.2 ¥ain Tower Design

The design was carried out for the Dartmouth Tower., Loading to the
Halifax Tower was the same but the pmovement was less, therefore, Dartmouth
Tower governed the design, and both towers were built identically. Under
any condition of bridge-loading, the cables assume a position of equili-
briun so that the horizontal component of tension is constant throughout
the system. $ince, however, the reactionrpressure of the cable on the
main saddles is sufficiently great to preclude cable slip at those points,
and as in any case it would be undesirable to permit such sliding to occur,
any balancing-forces are accommodated by longitudinal displaceuents of

the tower tops.

The conditions of loading which govern the design of the towers are
apparent from inspection. Thus, the heaviest cable-reaction will occur
when all three suspended spans are fully loaded at the minimum temperature.
The greatest saddle-movement, however, will take place when the central
and far-side spans are loaded at maximum temperature. The latter case,

together with wind-loading, was found to be controlled.

Under a particulaxr live load and temperature condition, the top of

the towers move a fixed distance which can be calculated from the changes



83

in the length of the deflected cable and the cable pull. Under such
deflection, there will be longitudinal bending stress in the tower legs
due to eccentricity of the cable reaction and other vertical loads, and
due to any unbalanced horizontal cable pull P at the top of the tower.
The total movement at any point will be the sum of the deflection due to
a free standing tower uader tne eccentric moments, and the deflection due

to the unbalanced horizontal cable pull P.

The first step in design was the assumption of a suitably tapered
ntrial® column, capable of withstanding the loading from the cable with
the saddle in its deflected position. The second step was “he assumption
of an elastic curve for the column when subjected to a particular loading
and simultaneously deflected by the appropriate amount. With this assump-
- tion, the moments in and deflections at the various sections were figured.
The top deflection was differed, one way or the other, from the original
émount, owing to the moments caused by the eccentricity of the vert@cal
loads. That original amownt is emntirely independent of the dimensions of
the column for all practical purposes. Accordingly, the next step was
the evaluation of the induced horizontal load necessary to maintain the
status. The elastic curve due to this induced load was then superimposed
on that due to the vertical loading-condition, and theresulting composite
curve gave the required actual saddle-deflection but did not necessarily
agree throughout its length with the assumed curve. New assumptions for
the curve were tnen tried until such agreement occurred. The stresses
over the various sections were then inspected, and suitable alternations
in size and disposition of metal were made. The procedure was then repeated

to determine the new elastic curve. Similar computations were performed
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for all important loading conditions including those involving longitu~
dinsl wind-loads, which set up a cable-pull in addition to the above

induced load.

As the method requires a successive approximation approach to find
the elastic curve for the tower for each loading case, it is ideally suited
to solve by computer, and a Fortran program was written and used for the
study phase and the final design. The maximum value for the tower move-
ment was 1.44 ft. and the maximum value of the unbalanced horizontal cable
pull P at top of the tower was 7.64 kips. A design assumption for the
truss analysis is that the horizontal component of the cable pull is the
same throughout the length of the cable., %he small value of P, compared
to the total norizontal cable pwll of 6,970 kips for this loading, illus-
trated that the effect of the tower bending rigidity on the cable pull can

be ignored and the assumption is thus valid.

The tabulation given velow, Table 7.4 summarizes the cable reactions,
suspended trusses reaction, tower moment, and induced cable pulls for the

principal conditions of loading, applied to the column finally adopted.

The use of an orthotropic deck instead of a standard deck for the
suspended structure affected economies in the tower design by reducing
the dead load cable reaction, and by giving a better distribution of lateral
wind load to the towers. Under the action of lateral wind, the trusses
and cables'deflect transversely with a portion of wind load from the
suspended structure transferring to the cables, and hence to the tops of
the towers. The higner lateral stiffness of the orthotropic deck compared
to the standard deck reduces this transfer, Thus a greater proportion of

the total wind load on the suspended structure is applied to tne towers
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at the stiffening truss level, which reduces the axial load in the tower
legs due to wind, the wind load in the tower diagonal bracing above the
roadway and the transverse bending in the tower legs resulting from the

omigsion of diagonal bracing near deck level,

7+9 Tower Base Plates and Saddles

The tower base-plates are built up entirely of heavy plates of steel.
In plan they are shaped to conform with the outline of the tower legs, theixr
overall dimension, being 15 ft. and 9 ft. 734 in. The bottom slab which
provides bearing surface is 3 in. thick, while the top slab wnich acts
as disphragm is a perforated plate % in. thick. 4 series of transverse
and longitudinal vertical stiffeners were made up of 1 in. plates. Semi-~
circular drain~holes, 4 in. in diameter, are cut at the bases of the webs

in order to prevent accumulation of water inside the member,

The tower leg is welded directly to the base plate, and the plate is
anchored to the pier by thirty-four 3 in. bolts 14 ft. 3 in. long. After
the concrete piers were carefully dressed to be flat and level, heavy can-
vas approximately 1/8 in. thick and saturated with the specified prime
paint was then laid over the bearing area and the base of the tower erected

in place thereon.

The cable-saddles for the towers are also all-welded. The bearing
surface for the strands is a billet of medium steel 1 ft. 9 in. wide,
9-13/16 in. deep, and 10 £t. long. Its top surface is at the level of the
centre-line of the cable, énd is cuxved to a radius of 12 ft. 8-9/64 in,
The billet is machined out to receive the lower half of the cable, and the
bottom, and sides of the cut are grooved to seat the individual strands.

The billet is supported from a base-plate by two mzin longitudinal webs
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1-7/8 in. thick. The base plate is 1-5/4 in, thick and of the same plan
as the top of the tower column. In oxder to éain lateral stability, six
transverse 1 -2 rib plates are also provided. Continuous 3 in, fillet
welds are employed for all connection joints. The main saddle, tighted
with 16 high strength 1-1/8 in. in diameter bolts, has a % in. thick bent
plate with two wedges to obviate the possibility of the upper strands of
the cable being displaced from any cause. Each saddle is secured to the

tower by 52-1 in. high strength bolts.

7.10 Cable Bent Design

The cable bent serves the dual purposes of supporting the cables and
the suspended-span bearings at the end of the side-span, and of providing
bearing for the expension end of the approach-spans. Support for the cables
is provided at this location with a purpose to deflect them towards the
anchorage at a slope approximately to the maximum inclination already

egtablished near the tower-saddle.

The cable bents has a height of 131 ft. on the Dartmouth side and
86 ft. on the Halifax side from the pedestal-concrete to the cable inter-
section. Below the level of the approach-span bearings, the two colwmns
are connected by lateral X - bracing, gimilar to the main tower, and the

legs of the cable bent are vertical and 57 ft. apart, center to center.

A load-bearing, cross-strut is provided. It supports the vertical
pin which receives the wind-reaction of the suspended span. The strut
has substantical comnection to tne columns, designed %o resist lateral

forces from the cable-saddles.

The lower chords of the stiffening~trusses are each pin-connected o 2
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pair of bronze plates which can slide horizontally inside the column of
the cable-bent. The ends of the truss are thus free to move to accommodate
" both vertical and horizontal xrotations of the span, though they are rest-

rained against vertical movements.

Bach of the cable bent column is a constant dimension 3 ft. by 5 ft.
box. All sections are welded from 7/16 and % in. thick plate, and the
plates are stiffened internally by T-shaped load bearing stiffeners. The
inside face of tne colwmn below the strut is stiffened by two 9 x 4 x %
angles, 2 ft. apart to which are bolted the 2 ft. by 1 ft. 6 in. box
diagonals. The sectional area of the column varies from 82 sq. in. at the
top to 121 sq. in. at the base. Horizonial diaphragms are located at

approximately 7 ft. intervals throughout the length of the column.

The cable-bent saddles, like the main saddles, are of all welded
construction and are rigidly attached to the supporting columns, subjected
to much smaller loads. However, they are smaller than the tower-saddles,
the overall size of the 1-% in. base-plate being 3 £t. by 5 £t. with two
1 in. lonéitudinal webs and four 1 in. transverse ribs. In order to pre-
vent slipping of the cables and consequent forward-movement of the bent,
the saddles are equipped with heavy curved covers whicih are bolted down

with fourteen 1-% in. high tensile bolts.

The cable-bent fixed at the base and subjected simmltaneously to
known loadings and known saddle-movements, is susceptible to the same
analytical process of design as the tower. Saddle-movements, being
influenced by the back stay-length alone, are small; the range of move-

ments being 6-1/16 in. on Dartmouth cable-bent and 3-3/16 in. on Halifax
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side from normal conditions. Ioading conditions are more complicated, owing
to the presence of the klastomeric Expansion Bearings of the approach-
girders, and to the horizontal shear-force developed by these under the in~

fluence of expansion-movements. The materials and permissible stresses

were similar to those for the tower.

T+11 Cable Bands and Cable Anchorages Steel
T.11.1 Cable Bands

The cable band, from which the suspender rope hangs, consists of a
pair of symmetrical steel castings, one placed against either side of the
cable and the two bolted together onto the cable sufficiently tighted to
overcome their tendency to slide under the influence of the suspender-pull,
The inner surface of each casting is shaped to fit the profile of the outer
strands of the cable, the flutings being left rough-cast in order to deve-
lop as much friction as possible. The inside d;mensions of the castings
were permitted to vary by only i 1/32 in. from the specified figure, and
after some experimentation, this tolerance was closely adhered to, The
hexagonal exterior of the castings is modified by the presence of machined
bosses for the holding~bolts, and by the provision of a saddle-grove made
to various angles with the casting in accordance with the cable-slope.
These were cast to the nearest multiple of three degrees, the consequent
slight diviations from verticality ih some cases being negligible in their
effect upon the ropes. At each end of the groove a small keeper-casting,
secured by two tap-bolis, is provided to hold the suspender in place after
erection. The ends of the bands are counterbored to a depth of % in. to

furnish a housing for the wrapping. Fig, 11.14.

The castings are bolted together with 15 in. bolts of high-tensile

gteel, tightened to a specified tension of 36,000 1b, each. Tne bands
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on the flatter parts of the cables are fastened with four bolts each,

but six bolts are required where the cable is steeper and the tendency
to slip is consequently greater. The number of bolts was computed on
the conservative assumption that there would be available a frictional
resistance amounting to 30/ of the agegregate of the vbolt-tensions. There
are 146 cable-bands. Of this total, 86 are the 4 bolt type, while the

remainder, are the 6 bolt type,

T.11.2 Cable Anchorage Steel

The main feature of the anchorage steel is a group of seven circular
steel sléb "buttons", symmetrically arranged nérmal to the direction of
the cable, khereby the load from the cable is concentrated into seven parts,
each of waich is then delivered into the concrete anchorage-mass by three

heavy anchor-bars. Fig. 11.10 and Fige 11.11.

The buttons, burned from a 6-in. slab of steel, are 3 ft. 6 in. in
dianmeter, that size being determined by the clearance required between
strand-sockets for field-assembly. The front face of each is plane, but
the rear, §r shoreward, face is machined to a spherical radius of 30 ft.,
the central thickness being 53 in., and that at the edge 5-1/8 in. Each
button is perforated by three 6~in., holes for the admission of the main
anchors; and attachment of the strand-sockets is effected by bolts pass-
ing through a further set of nine (or, in the case of the central button,
seven) %-3/8 in. holes. The buttons are so arranged on the main anchors
that their rear face all lie on the surface of a sphere, the center of
which is 30 ft. away and on the center line of cable. . That same point
is made for the theoretical origin of the splaying-out of the strands from

their compact hexagzonal formation in the cable propexr, with the result that



the splayed strands are radial to the spherical surface.

The 21 primary anchors, embedded into the pier during its construction,
are A-235 steel with the total length ranging from 29 ft. 6 in. to 42 ft.
6 in. They are, except for the length of about 5 ft. which was not em-
bedded until after assembly of the cable, machined into a series of tapered
lengths in order to secure positive bond by wedge-action. The lower ends
of the anchors are spread to engage an adequate mass of concrete, and the
upper ends, which are upset and finished to screw-threads 5§ in. in dia-

meter, converge to the larger holes in the buttons.

Connection of the strands to tne butéons is effected by bolts 3 ft.
3 in. long. #ach bolt is screwed into the strand socket, and its other
end is secured by a nut which bears on the spherical rear surface of the
button. The threads on the ends of the bolt being of opposite hand, and
the bolt shaft being of hexagonal section, the bolt could be used for

adjusting the position of the socket during cable-assembly.

The splay of the strands is controlled by a heavy collar, part of wnich
' fits tightly to the profile of the compacted cable, and the remainder of
which is shaped to load the strands into tneir radial positions without
abrupt changes in alignment. Fach of the four splay-collars consists of
two steel castings 2 ft. 72 in. long, bolted together onto the cable with
2 in., hign-tensile-steel bolts. The splay-collars are located in open
chambers inside the anchor-piers, so that they, togetner with the splayed

strands and socket-assembly, are always accessible for inspection.

The entrance of moisture into the chembers is prevented by water-

tight connection of the tubular flashing to a cast-iron collar on the
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cable and to an "eyelet-casting® built into the front wall of the concrete

anchoxrage.

712 Approach Span Design

The approach spans have an 8% in. thick reinforced concrete deck,
supported by transverse steel floor beams, and in turn these beams are
held by two steel box girders. The cross beams are 2 ft. 43 in. deep of
built vp plate girders except the diaphragm beams which are 3 ft. 2 in.
deep. The spacings of these beams are 7 ft. 6 in. and 7 ft. 9% in. foxr
the 150 ft. spans and 125 ft. span respectively. The floor beam spans are
30 ft. with an 11 £t. 6 in. cantilever outside the box girders. The top
and bottom flanges are 5/8 in, thick plate vhile the web is 5/16 in. thick.
In addition, the webs were stiffened by 4% x 5/16 plates on alternative
éides. In oxder to achieve satisfactory bond stress, double lines of
Nelson studs were provided at top flange spaced at 1 ft. 6 in. Haunches
made up of 5/16 in. thick and 10} in. x 5/8 in. plates, were used at each

diaphragm beam. Fige 725+

The éize of the steel box girders is 8 ft. x 5 ft. for the 150 ft.
spans and 8 f£t. x 4 ft. for the 125 f{. spans. The thickness of top and
bottom flanges vary from 3/8 in. to 1% in. plate while the webs are 3/8 in.
thick plates overall. The webs were stiffened by 3 x 2 x 5/16 angles and
4x3x 5/8 angles for the longitudinal and vertical directions respec-
tively, Five lines of shear comnectors placed in a staggered pattern
were alse provided at the top flange of each girdez,

Witn such an arrangement, the approach structure iz composed of two
principal load-carrying elenents:

(1) The steel girders transfer the loads along the tridue



longitudinal axis.
(2) The concrete slab aistributes the loads in the longitudinai
direction to the floorbeams and in turn these loads are tran-

sferred to the steel girders.

The function of tnese connectors is to transfer horizontal shear from
the slab to the girders and thus to force the concrete and the steel parts
to act as an unit. Since the slab is cohnected to the steel girder, it
cannot deform independently; it acts as a cover plate of the girders and
at the compressive zone of top flange it assists the girders to carry the

load in the longitudinal direction.

The 8% in. thick concrete deck was reinforced with 5/8 in. and 2 in.
deformed bars at top and bottom respectively. Then, the concrete deck
was waterproofed by the application of a rﬁbberizéd mastic aspnalt. Finally,
the concrete slab was covered by 15 in. dense graded asphalt concrete.

This made the approach decks a total thickmess of 10 in.

To facilitate inspection below the deck of the approach span, 6
movable platforms were suspended at the outside édge of box girders. 4Along
the center line of the deck, a full length of catwalk was provided for the

approach span on both sides.

Since the approach span léngths are much shorter than the suspension
span, an increased unifoxmly distributed live load of 800 lbs/lin.f%./lane
was used or one standard H20-S16 truck per lane pexr span. The combination
of stresses was DL + LL + I at Hormal Unit Stress; and DL + 1L + I + 1/3
WL + WLL at 1.25 d.UaDe

7.13 Haterizls of the Superstrucinre



Generally, all the structural steel was adopted in accordance with

the standard CSA or ASIM specification. The various steels and their

application are listed below.

Main Span

1.

2.
ae
b.
C.
d.

€

3.

4.

CSA - G40.8 Grade B Normalised
Deck plate, longitudinal ribs, floorbeam webs.
CSA - G40.8 Grade B

Stiffening truss top cnords, bottom chords, diagonals, verticals.

Floorbeam bottom flanges

Floor truss top and bottom chords.

Bottom laterals.

Legs, diagonals and struts for main towers and cable bentse.
CSA - G40.8 Grade A

Floor truss diagonals.

High Strength Low Alloy Steel

Stiffening truss bottom chords where 46 ksi. yield point steel apply

locally where maximum moment occurs.

5
ae
b.
Ce
d.
6.

Te

ASTM ~ A36
Buttons and anchor plates in cable anchorages.
Ribs and base plates for main tower saddles and cable bent saddles.
Ladders for main towers and cable bents.
Galvanized roadway fence.
ASTH - A440
Anchoxr bolts for main towers and cable bents.
ASTM -~ A284 Grade C

Machined seats and covers for main tower saddles and cable bent

saddies.
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8._ ASTH - A235 Class R Annealed
Cable anchorage bars, strand sockets, strand adjustment bolts, sus-
Pender sockets,
9. ASTH - A27 Grade 65-35
Cable band castings and splay castings.,
10,  ASTH - A354 Grade BB
Cable band bolts, splay casting bolts, cable saddle bolts.
11.  ASTM - 4325
High strength bolts for connections and splices.
12. CSA'- G40,2

Galvanized ladder rungs on suspenders.

Approach Spans
le ©CSA - G40.12 killed, fine-grained Normalised
Box girder flanges wherever tension can develop and where 40,12
material is called at the maximum moment points.
2. CSA - G40.8 Grade B Hormaliéed
Box girder flanges wherever tension can develop and where (G40.8 mat-
erial is called at the maximum moment points,
3« CSA - G40.12 killed, fine~-grained
Box girder flanges where no tension can develop. .
4. CSA - G40.8 Grade B
Floorbeams and all box girder material not covered in the three pre-
ceeding headings.
Se¢ ASTHM - A36
a. Fagcia beam and traveller track.
b. EHoadway fence, cabwalk, inspection travsilers.

6, ASTIL -~ A%25
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High strength bolts for all splices and connections.

7+.14 Special kpoxy Asphalt Wearing Surface

The 2,420 ft. long steel deck of this suspension brdige was paved
with the Concresive epoxy surfacing mixture. It was only the third deck
in the world and the first in snow country to use an epoxy asphalt wear-
ing course. This kind of mixture was provided by the Adhesive Engineering
Company of San Carlos, California, U.S.A. world-wide agents for the unique

material developed by Shell 0il Company.

Although the Concresive umix is about 10 times more expensive than
traditional hot-mix, it is far superior under bridge traffic loadings and
reduce maintenance and repair costs. One of its outstanding characteristics
is that its thermal elasticity closely approximates that of steel. Both
materials will therefore tend to elongate and contract together with
temperature changes. Therefore the problem of pavement damage will be
reduced. Additional advantages are as follows:

l. Very durable and good fatigue properties.
2. Excellent anti-skid properites.
3. Very good waterproof protection.

4. Good bond to steel deck.

The above characteristics are essential in a location subject to
wide range of ambient temperatures; especially when a corosion preventive

material is required due to the use of salis.

The Concresive epoxy asphali is a highly specialized product that

differs from conventional hot-mix asphali.

1. Epoxy hsphalt Bond Coats consists of two components: component A,
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an epoxy resin, and component B, asphalts mixed with epoxy resin hardencrs.

2.

Epoxy

Component A is a liquid diepoxy resin obtained entirely from
the condensation of bisphenol A and epicnlorohydrin. No di-
luents, flexibilizers, or plasticizers should be present. It
also contains no inorganic fillers, pigments, or other conta-
minants or insolubles.

Components B is a nhomogeneous composition of a petroleum~derived
asphalt and epoxy resin hardeners. It contains no insolubles
such as inorgénic fillers or pigments, and no contaminants

which yould adversely effect automatic metering, mixing, or
dispensing.

The mixture of the two yields the following properites:

Ultimate tensile strength at 77°F 175 psi to 350 psi
Elongation at break st 77°F : 175% minimum
Swelling ratio at 77°F 3¢5 maximum
Leaching at 77°F 35% maximan
Thermoset property at 600°F shall not melt
Water absorption 0. 3% maximum
(demineralized water immersicn for 7

days at 77 F)

Deflection under load (264 psi) at temperature -15°C to =25°C

Asphalt Concrete consists of epoxy asphalt binder and aggregate

a. LEpoxy asphalt binder consists of the same materials that
are specified for epoxy asphalt bond coats as shown above.

b. Aggregate consists of mixture of coarse and fine aggregate
and a filler material, if required. Asggregate should con-

form to the applicable requirements for 3/8 in. maximum



ST

aggregate, and the fine aggregate should pass through a

no. 200 sieve.

The most crucial parameter in the batching of the mix is the time
control and precise temperature. This requirement is further complicated
by the fact that the cnemical reaction between the epoxy resin and its
hardehing agent is one which gives off heat. Too hot a mix could mean
premature setting of the entire mix, but too cool a mix would mean place-
ment and compaction would be unsatisfactory. Air voids in the mix are

kept to 1%.

Before the Epoxy Asphalt Bond Coats is applied, the steel surface
should be cleaned to white metal by sandblasting and then priming with

one coat of inorganic zinc paint.
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Aliowable | Cable sugpended | Tower Hoxrizontal.
racton ligaovion (fmsses o Force &
Ioading X {seddle |fzaction | ment Required For
Combination Basic Unit | Included) @ Equilibrium
Siress kivs kKips feet kips
DL + LL 1.00 5737 4 +1.181 +50804
DLALIAT(HOT) 1010 5702 20 +1.440 +7.639
DLALLHI{EOT )4 WL, /o 1025 5702 20 +1.440 +7.639
DLALLATGIO) 0T |y on 5702 20 +1,440 464751
(h, o erwWideb Wl S0 .
L/a .L_/ e
DLAR{COLD -+, 1,25 4524 65 =0.405 5772

12

@ Tovex MNovement "+" Toyards lizin-Span, "= Towards Cable«Daut.

@3 Homizontal Force Required For Bguilibriuwm ™" in same direstion as

Tovwer Movementke

VYhexres:
DL = Dead load
LL = Live load

WL, = Lateral Vind Perpeadiculer to Bridge ¢
WL, = longitudinal Wind Parallel to Eridge £

WLy (stiffening Truss) = Bl (Stiffening Truss)

WLL

= Wind on Live Load

T = Temperature: B(HOT) = 105 °F, ¥owmal 55 °F, ©(COLD) = -20 °F
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FIG. 7.5 MAXIMUM LOAD, Fo, ON A FLOOR BEAM DUE TO ONE H20-S16 TRUCK

¢
4.5' 127| 12!
] 3
7'(,2?5’
I
Fo 15
TR
Hl
23.5! |
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345"
) 45.5"
L= 57°

FIG. 7.6 LOADIIG USED IN THE COIPUTATION OF THE MAXTIUM L.L.

HOMERT IN FLOOR BEAM
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The inclined lengths
ht = 12,85" & 13"

EDGE CONDITION OF CLOSED RIDS
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=
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FIG. T.12 IQADING ¢ COMDITION OF nIBS
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Case Lording condition
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FIG. 7-17 ©LOADING AT PANEL FOR BOTTOM LATERAL DESIGN
[}
[0}
& 42,61 Design Ten. | Comp.
o N v F F Load +FC@ Cap. | Cap.
2 og.50 28.50 | " T W T | yus - |TPe
= o 1
381 A
84 T~ B7.4 | 210.0 27.9 | 156.8 | 142.5 B |227 | 162
801 ~_ - 37.4 | 196.0 27.9 | 146.2 | 133.0 B | 227 | 162
76 0 37.4 | 180.0 27.9 | 134.3 | 122.1 B | 227 | 162
72 ;><pi 37.4 | 165.0 57.9 | 123.2 | 112.0 B 1227 | 162
68 37.4 | 150.0 27.9 | 112.6 | 101.8 B | 227 | 162
64 7 37.4 | 135.0 27.9 | 100.7 91.7 B 1227 | 162
60{ ~ I 33.0 | 100.0 93.3 B 1227 | 162
56 w B1.0 | 138.0 38.1 | 103.0 97.7 3 1227 | 162
520 7 & B7.8 | 142.0 43.2 1 106.0 | 102.0 3 1227 | 162
48 = ¥h.6 | 146.0 48.3 | 109.0 { 106.5 B | 227 | 162
L4 <l BT 1150.0 53.4 | 112.0 | 111.0 B 1227 | 162
40 9l »[78.2 | 155.0 58.4 | 115.6 | 115.8 B | 227 | 162
36 “t $185.0 | 160.0 63.5 | 119.3 | 121.0 B | 227 1162
32] Sl 5 PBT.§ | 165.0 68.5 | 123.2 | 126.1 B | 227 | 162
28 21 = IBg.6 [ 170.0 73.6 | 126.8 | 130.8 B | 227 | 162
24 8l 205.41176.0 78.7 | 131.2 | 136.3 B | 227 | 162
20 Lo © 2.2 1183.0 83.8 | 136.5 | 142.8 B | 227 | 162
16 > 19.01190.0 88.9 | 141.8 | 149.0 B | 227 | 162
512 S fi25.81 198.0 94.0 1 147.8 | 155.8 B | 227 | 162
%8 S 137.5) 207.0. ] 99.1 | 154.5 | 163.2 C | 247 | 185
N 3941 218.0 | 10£.2 | 162.6 | 171.8 C |247 |185
w o\‘\<f359 = %6.2{230.0 | 109.2 | 171.7 | 181.0 D |266 | 203
—-64]- S - ~ - - u - —
60 51.0 | 139.0 | 38.1 103. 7 98.3 B | 227 | 162
561 V4.2 | 121.0 33.0 90.2 85.4 B | 227 | 162
52 c 57.4 | 105.0 27.9 78.3 73.8 B 227 | 162
S 48 9 PBo.é 91.0 272.9 657.9 63.5 A | 197 84
& 4k @ 23.8 77.0 17.8 57.4 53.0 A |197 84
o 40 < 17.0 66.0 12.7 49.2 4, 7 A | 197 84
E 36 b 3.6 59.0 10.0 44,0 40.0 A | 197 84
32| o 3.6 77.0 10.0 57.5 52.2 A | 197 84
7,5 Shear in Panel V. = Wind Load; Vp = Torsion.
[
A Force in Lateral F= % x ( é—gf% )
FW = Wind; FT = Torsion
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4.5" 24" ‘t 28,5t
Vlotal p=1 k/ft
Deck Load i I
b = 57"
R B
Truss Loading ‘,,0.71 k/ft. H 10.29 k/ft.
(1) '
Anti-Symmetric
Loading !
0.5 k/ft. 0.5 k/ft.
@ | ' |
Symmetric -
loading '
P=0.21 k/ft.
(1ii) 1 ‘
Skew Symmetxic Y
Loading .
pl=0.21 k/ft.

Truss Loading (i) = (ii) + (iii)

FIG. 7.18 BREAKDOWN OF ANTT - SYIMETRIC LOADING INTO A PAIR OF

SUTETRIC AiD SKEW SYIMETRIC LOADING

l= 1400 |
!

B s
Yaries | \_Loading P, = 0.21 k/rt. I Varies

FIG. 7.19 ANIT ~ SYIRIETHIC LOAD LEHGTH ON THE SPAN

( CASE 4 LOADING )
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. | = 1400!
x| p. = 0.21 k/ft.

PIG. T.20 GENERAL CASE OF ANTI - SUIMETRIC LOADING TO FIID

MAXIMUMN POSITIVE SiiAR (CASE A LOADING)

L 1}1400' : |
l p_=0.21 K/T%. | p =0.21 k/ft. !
i - N7/ R
NN,
n__ .k | _m n | k ..o .l
* 1 "1 T T
PLAN

socbiiiid ek | o — ——
r\Z*—”"’”‘ idifiiiiiidii] 1
Deflected Shape l p=~0.21 k/ft.
(Torsion)
BLEVATION
FIG. T.21 DIAGONALLY SYMMETRIC LOADING CASE

( CASE B LOADING )

X,
Vpg: +0.21 k/ft. ‘f
‘ iifilfititifiii)
. pST ~C.21 k/f?:.
n v k7 mo m X T o
= 1400° N
¥

FIG. T.22 SLPLE THUSS SHEAR FOR ANTI = SYIMBIRIC LOADING

( CASE B LOADLIG )
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FIG. 7.24. ELEVATION OF MAIN TOWERS AiD IYPICAL COLUNN CHOSS SLCTION
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CHAPTER 8

AERODYNAMIC STABILITY AND WIND TUNNEL TEST

8.1 Introduction

Since the disaster of the Tacoma Narrows Bridge, the problem of
aerod&ﬂamic stability and critical wind velocity has been worrying all
suspension bridge designers. A series of investigations made in connect~
ion with the Tacoma Narrows Bridge and several other bridges, showed that
numerous bridges are not aerodynamically stable for all wind conditions.
However, a soundly constructed suspension bridge will stand severe oscil-

lations for a considerable time without any serious trouble.

For a new bridge there is no reason to allow any severe oscillation,
since all movements will be unpleasant and give a feeling of insecurity
to the motorist., However, if a bridge can stand ﬁndervvezy heavy storms
and only exhibit small unharmful oscillations, this should be sufficient

for all public use of a bridge.

It is important to find easy and quick methods wﬁich can give crit-
ical wind velocities and oscillation amplitudes with sufficient accuracy.
This is of importance in the early stages of planning and design of the
bigger suspension bridges. Through this quick preliminary investigation
of the asrodynamic stability, it is readily seen how and whére the stru- !
cture may be improved, and thus making it possible to produce bettexr

and safer bridges without any great increase in cost.

Following the failure of the Tacoma Warrows Bridges, a number of

enpirical stiffness indices were established, based on experience, to
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guide design. A significant developnent was the formulation of aero-~
dynamic theories and experimental wind tunnei procedures for studying
the d ynamic or aercelastic behaviour of suspension bridges under wind
action. Great progress was made principally in the United States, United

Kingdom, Norway, Japan and Canada.

In modern bridges design, a preliminary investigation is carried out
by testing a model in a wind tunnel. Thz previous test results demonstrate
that there is a correlatiqn between the behavior of bridge and model.
Trouble has never been reported with a bridge which gave good model test
results. Usually, the sections model of fairly short length of the bridge
deck is tested under wind action and predicts the aerodynamic cheracteristics

of the whole bridge. However, a model of the complete bridge will give more

accurate results.

The aerodynamic effect and natural modes of vibration of a bridge,
are detexmined completely by its mass, mass distribution, and elastic
properties. USually,_for the modern suspension bridge, a high natural
frequency of vibration is favourable. This can be obtained by increasing
the truss stiffness or by providing two lateral systems in the planes of
top and bottom chords of the stiffening truss. It is possible to design
& suspension bridge with a high degree of security to stand against aero-
dynamic forces. This involves the calculation of natural modes of motion
of the propesed structure, the performances of dynamic section model tegt
to determine the factors of behaviour, and the application of these factors

to the prototype by suitable analysis.

8.2 lethod of Approach to Aerodynamic Stability Analysis
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The 1952 report of the Advisory Board on the Investigation of Sus-
pension Bridge® was used as a guide in the analysis of the aerodynamic
characteristics. The truss vertical stiffness was initiallyselected to
give a value for Ammann's Bending Stiffness Index equal to the recommended
minimum of 600, The Stiffness Index is a function of the span lengths,
dead weight, cable sag and truss moment of inertia, and gives an empirical
indication of probable aerodynamic stability based on a statistical study
» of the behaviour of existing bridges. The validity of the stiffness index
approach has not been confirmed by wind tunnel tests and rational analysis.
However, it is an useful guide for medium and short span truss stiffened

bridges.

Although there is no compact mathematical theory to explain all
aspects of aerodynamic behaviour of suspension bridges, wind tunnel tests
indicate that the flutter theory, first developed for suspension bridges
by F. Bleich9, is the best mathematical approach for truss stiffened sec-
tions. The flutter theory applies to an infinitely thin plate supported
80 it can move both vertically and torsionally. Under wind action of
increasing velocity, the natural vertical frequency of oscillation increase
and the natural torsional frequency reduces until they coincide at a
common frequency. This compling occurs at the flutter velocity, when the
motion becomes violent. The accuracy of the pure flutter theory depends

on how closely the bi‘idgwevdeck and top chords resemble a flat plate.

The finite depth of the chords and deck, and any other obstruction
near the leading edge, will produce a vortex action which causes the
coupled oscillations to occur at a critical ielocity \A below the flutter
velocity Ve The modifying effect of the vortex action on the calculated

flutter velocity is normally found by testing sectional models in a wind
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tunnel. Selberg carxied out a mumber of wind tunnel tests on three sim~
plified deck gection models, each with various depth to width ratio and
with angles of attack from 0° to ¥ 100, to establish k values. The crie
tical velocity, in terms of flutter velocity, is shown in the equation

v, = ka10’11’12. With these k value graphs Selberg considers that medium
and short span bridges can be investigated for aerodynamic stability with-

out model test.

Similar model tests have been carried out for purely vertical oscil-~
lations, which are rarely dangerous to the structure but may be objection-
able for traffic. Selberg's methods were used for the calculation of the
final natural vertical and torsional frequencies. In the calculation of
natural frequencies, Steinman's method is not clear for handling unequal
top and bottom lateral system and Bleich's metnod assumes both top and
bottom lateral systems are equal. However, the method proposed by Sel-
berg gives the most accurate result., With his recommendation, the combined

orthoplate top system and bottom laterals can be adequately handled.

The calculated critical velocities had to be compared with a design
wind velocity for the site of the bridge. Using Selberg's method, the
structure should have a minimum factor of safety of 1.38 with regard to

aerodynamic stability subjected to a horizontal wind pressure.

8.3 Bending and Torsional Stiffness Indices
8.3.1 Ammann's Bending Stiffress Index

An index value of 600 minimum was proposed by Ammanm's in 1956. The
choice of original section vased on the stiffness index was proved satis-

factory.
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Y
5 =[1 - 0.6 1 ][ 8;2 Mo, Q.14 I].—_ 598 = 600

14

8.3.2 Ammann's Torsional Stiffness Index

In 1964 Aumann derived a formula to check the torsional index during

the design of Vermrazano Narrows Bridge. The minimum stiffness index is

S = 450 for the resistance to torsional oscillations,

Where

and

2 H

A=~—°-o

2 E

1
Av v Ah Uh2bd

b4U 4440
T vt A0y

B =

w = dead weight plf of bridge = 5615 plf.
£ = sag = 128 ft.

Hw = dead leozd pull per cable

b = ¢ to ¢ of cable distance
d = c to ¢ of top aand bottom distance of a txruss

A, = section area of stiffening truss diagonal = 10.65 in.2

Av ms:,Ade in one panel
AD = section area of bottom lateral diagonal = 8.87 in.2
Ah =3 AnUh in one panel
U = sin® ¢ cos g =0 669132 x 0.74314
h n h * *

2

.2
U = sin ¢v cos ﬁv = 0,78405° x 0.62069
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Case 1 Assume top laterals are the same as bottom laterals
Then A= 2,05

B = 8.75

Ahgh = 0.041

A.VUv = 0,282

and S = 570
Case 2 By applying Selberg's method, consider the effect of an orthétropic

decke. The actual plate web top lateral system Ah add to bottom
lateral Ah for the total.

Then AhUh = 0,0772
AVUv = 0,0282

A= 2.05
B = 15.85
and - S =944

This value is more reasonable for the effect of the orthotropic deck.

84343 Steinman's Stiffness Criteria
Steinman intreduced the stiffness criteria based on 100 mph design‘
wind speed in 1945. The stiffness factor:

LA rier

G

For the case of first anti-gymmetric mode n = 2

for one cable and truss

= 7 - W 000467 .
then X Kw + KT = 4,93 T+ ( Y )4 = 108.5 + 67.5 = 176
100
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the breadth factor
b2
B=T= 1'155

K = 152,5
B

p
R = —=- = 0,384

and R[E = 4.4
84344 Compare the Stiffness Data on bkxisting Bridge
The stiffness data of A. Murray lMacKay Bridge with other existing

bridge is shown in Table 8.1. I includes all 11 modern bridges which

have movements recorded, and most of these modern bridges are over 1,200 £t.

span.

8.3.5 Conclugion on stiffness indices

Before the oscillations on the Peace River, Beauharnois and Liard
River Bridges were reported vertical stiffness indices appeared satig-
factory for separating the stable from the unstable sections. Baged on
Steinmanfs or Ammann's values all bridges with indices below a cexrtain
figure showed oscillations, and all above had none reported. Thus vertical
stiffness appeared to be a prime fabtor in stability, although wind tunnel

test and flutter theory calculation had not found it to be so.

The vertical index of immann's S1 differs from Steinman's K/B in that
it includes a side span term but‘no vidth term. The Ammamn's index appears
to be a better agreement with Selberg's method as the index does not re-
duce with the increasing width as the K/B index does. Thus the A. Murray

MacKay Bridge S1 = 598 is close to the recommended 6C0, and is well in
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excess of the Angus Macdonald Bridges' value of 482 and the Lion Gate
Bridge's value of 386. However, the K/B value is lower than the said
bridges due to the increased width and low weight. The torsionaJ. index
S = 944 is well in excess of the recommended 450 minimum.

The most accurate of Steinman's indices is the R{%- . The A.f.H.
Bridge has a value of 4.74, close to _the recommended 5?0. On the Stein-
man's graph, it is on the borderline of the torsional oscillation curve,

but its torsional stability is assured by the double lateral systems.

- 844 Natural Frequencies of Oscillation in Anti-Symmetric lMode
The natural vibrations of a suspension bridge can be classified as
anti-symmetric modes and symmetric modes. Each mode may consist of

vertical‘ oscillations or torsional oscillations.

The anti-symmetric mode has an even number of loops, one of the node
points is at mid-span. The waves of the mode are balanced vertically
above the normal position which makes it possible for the main span to
vibrate, wilile the side spans are still., Different methods have been
used to calculate the natural frequencies and the final resulis have

proved satisfactory.

8.4.1 Vertical Oscillation for First Anti-Symmetric rode by Steinman®s
Method |2
For the anti-symmetric mode, all even values of n, the difference
in horizontal cable pull is zero (i.e.AH = 0). Then the coefficient of

rigigity (or spring constant) should te:

2 2 4 4 :
K= X 2 H+ K‘Z EL = 350 l%tz forn=2
! l



The natural frequency of vertical oscillation Nv should be:

60 | K__ .
N, = g [ 13.54 cyclgs/mn.
vhere m= Y
g
. 2
and g = 32.2 ft/sec

This natural frequency of vertical oscillation is high, compared to
the existing long span suspension bridges of Verrazano Narrows bridge,
George Washington Bridge, Golden Gate Bridge, Mackinac Bridge and the
original Tacoma Bridge, with frequencies between 6.0 and 8.0. The above
calculation is based on no central tie between cable and truss and no

side span participation.

8+4.2 Torsicnal Oscillation for First Anti-Symmetric Mode by Steinman's
Method
In oxrder to comply with the formula, the top and bottom lateral
gsystem were assumed to be equal. Then the equivalent area of truss dia-
gonal per panel A, = 8.14 in® and the equivalent area of top and bottom

lateral diagonals Ah a 11.8 ina. The coefficient of rigidity should be:

2
2 4, 7E4 EA
n -
W +(1 k)2.16ﬁ1‘1:1 +(l4k ) v

K==F 17k ¢ T E v

= 1,155 1b/ft>  forn = 2

b 42
vhere k= reRREY e 0.0446
v b

and d = bridge depth = 10 ft.
b = bridge width = 57 ft.

The coefficient of torsional rigldity
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K, = (b/2)2 K = 938,149 1b.

The polaxr radius of gyration

(rone .
2 B:.Z,m; e o 462 £1.2 (ox T = 21.5 £t.)

and - b/2r = 1.325 (with the usual range of 1.3 to 1.5)
The natural frequency of torsional oscillation should be

I |
N, = 22 —£ . 35,5 cyoles/min. for n=2
£ ° T [ 2

Both the vertical and torsional frequencies have high values which
is desirable for stability. Since the N t/Hv ratio is 2% times, the 1952
Report of the Advisory Board recommends the flutter theory to predict

critical wind velocities.

84403 Critical Velocity by Flutter Theory for First Anti-Symmetric lode

To obtain the critical velocity, F. Bleich"s Flutter Theory has
been widely used, but in this case the vertical frequencies were calculated
by using Steinman's method instead of the more complicated Ritz's method
given by Bleich.
Then @ = flutter frequency or circular frequency

and Nt/Nv = 204

The natural freguency of vertical oscillation or vertical circular frequency

0 = 2rl = 1.42 rad/sec

The natural frequency of torsicnal oscillation or torsional circular freguency

&), = 20l = 3,40 rad/sec

2



The flutter frequency

ot

&) = = 2,59 rad/sec

The critical flutter frequency

[N
Nc = 55 = 24.7 cycles/min.
The critical wind velocity

Wh . .
v, = -él-g-c— = 306 ft/sec = 209 mph

This critical wind velocity is the same by Bleich's approximate
method given in other articles. Therefore, the approximate method was

- used for ell further studies.

8.4.4 Natural Frequencies of Oscillation in First Anti-Symmetric Mode
By Selberg's Method
In employing this method assume no side span action and ignore the
effecf of central tie. The vertical frequency would be the same as for
Steinnan's method.

N_ = 13.54 cycles/min.

The torsional frequency, hy considering orthotropic deck as top lateral

would be L ,
82 l zn l 4 1
———ie g ey - — 4 - =
L A% nz(sz - Sl = b)=dp, 0% - B, 07)

After some computation, the torsionsl frequency can be obtained,
Op = 4.88 rad/sec and the natural frequency of towsional oscillation

should be

128
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Wy
Ny = 53¢ = 46.6 cycles/min.

W
and o = 0.29
T

The flutter velocity for the first anti-symmetric mode (n=2) for the

coupled oscillation should be

_ _ |
Vi = 044wy b J (1 - (-ZO—‘T’—-)Q)—LK— = 459 fi/sec = 315 mph

With the pure torsional oscillations the flutter velocity should be

Vp = 0.440, b E?; = 480 ft/sec = 327 mph

8.5 Hatural Frequencies of Oscillation in Symmetric Modes
The symmetric mode has an odd number of loops. The waves of this
mode are symmeirical about the center line of the main spane. The cal-

culation shows that the symmetric mode for n = 1 is the worst case and

governs the design.

8.5¢1 Vertical Oscillation in Symmetric Dlode by Steinman's Method

For symmetric modes, the diffexence of horizontal cable pull does
equal to zexo (AH # 0) and the cable stretch term in the spring constant
K must be considered. The general formula of K should be

E:l( : -——-—C% )
—_ - - =1
n2 h-nn

vhere zt denoted the summation of odd values on n in all span

BL for each span



Then

for

By trial end ervor fxom the general formla
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1..3 ' 2
L8=2}§i‘§ x&aZ( 1+§"ii")8805‘(

Section Area of 2 cables
Elastic Modulus

Total Length of Cable
Length of lain Span
Length of Side Span

Bending Rigidity of Main Span
Bending Rigidity of Side Span

Sag of cable at lain Span
Sag of cable at Side Spsn

Borizontal Cable Pull

C = 2 x 2050 1b/1t°
n = 1 at main span

K_ = 625 1b/£t°
n, = 1 at side span

1

K, = 827 1b/£42

K = 307.5 lb/ft2

In A. Marray HacKay Bridge, the lnown constants are

Ac s 2 X 86.7 in2

E = 24 x 106 psi.

C
L, = 3435.6 ft.
\ = 1,400 £t.

11 = 513.83 ft.

EL = 529.3 x 10° 1b/ft2
for 2 trusses

EH=3MJX1§1WH2
for 2 trusses

f = 128 ft.

£, = 17.24 £t

H = 10,748 x 10° 1bs.

for 2 cables

for n=1 dominant in main span
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and K = 1232 lb/ft2 for n1 = 1 dominant in side span

The natural frequencies for these K values

For main span ns=1 For side span n, = 1

N = %—% . E;:s =12.69 cyc/min.” N = 27?-—-%5 = 25.4 cyc/min.

L

The K values for superimposed modes (n=3, n=1,3, n1=1) have been
checked. A 2% lower value than K = %07.5 for n = 1 dominant in main

span was found, and thus the n = 3 component was ignored.

80,5.2 Torsional Oscillation in Symmetric Hode by Steinman's iethod

The first symmetric mode (for n = 1, .and n, =1 ) is the worst case.
For the safety factor, fgnoz the second symmetric (n=3) effect and the
effect of torsional stiffness of the tower. The general formula of
spring constant is 1;,he same as for vertical oscillation except the Kn

value which should be obtained from

2.2 4 4 2 2
A" n l-k 2 X 1 4k T n .
K = =—5—H+ ( Tk ) EI + ( ) A

14 14k 12 v

Assuming the top lateral is the same as botiom lateral instead of
deck plate, and k = 0.0446

Foxr main span ne=1

Then K

il

268 1b/ft2

For side span n = 1

Then K_ = 2,295 10/£t°

for n = 1 dominant, by trial and erxox

K = 591 1b/£t°  in the general formula
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Then the natural frequency of torsional oscillation should be

b Q Yo .
N, = 5.5_3).{ . "ﬁ" = 23.3 cycles/min.

Compare the anti-symmetric mode and symmetric in Steinman's method.
The latter governs the design, giving lower frequency and making it more

critical.

8:5¢3 Critical Velocity by Flutter Theory in First Symmetric Mode
Employing Bleich's Approximate Method, the critical wind velocity,

based on the calculation of Steinman's method should be

N& = 12.69 cycles/min. LW, = 1,528 rad/sec
N, = 23.2 cycles/min W, = 2.44 rad/sec
M= 0,07

and wz/w1 = 1.835

From Bleich's table

kc = 0,280

Dfdy = 14492

Jo ) = 1.98 rad/sec
The critical wind velocity

v, = wb/2kc = 202 ft/sec = 138 mph

For symmetric mode the critical wind velocity, of 138 mph minimum is

much less than the critical wind velocity in the anti-symmetric mode.

84504 Natural Frequency of Oscillation in Symmetric Mode by Selberg's
lethod
The natural frequency in verticzl oscillation for n=1 and nl=1

should be L
82 X 1 + sl 2 1 =1

. . - i y * , [ - -
LS N ((‘)2 - “2 = [j2 ) 'JS /\l (u) dl /3'1 )

}_l
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h ol nn
whexe o= E—rz;.w
m \m
-
A, = o
noom \m
512f 2B A
and L .. m_¢cg
A 2,5
X lm B “sm
For main span o(2 = 0,0478 For side span 0(1 = 2.44
B, = 0.31 Py = 2.42
L L
s2 1 g1 2
== . == 2,15 — . ~= = 1,58
Ly A Ly N

Then by several trials

W, = 1.335 rad/sec for n=1 dominant

The natural frequency in vertical oscillation should be

N =X 2. les/mi
IR T «15 cycles/min.
This value agree with the value of N = 12.69 cycles/min. by Steinman's

method.

For the case of natural frequency in torsional oscillation, Selberg

gives other formilas.

The distance from the upper lateral system to the rotation center at

the cross-section of the bridge should be

) + é £b = -2,16 ft.
u

b &
3By,

(ninus means 2.16 ft. above the deck)



]

Where Ay =4, +H1/6)b £ = 100.7 in? = 0,70 £42

2 = &, = 61 in° = 0,425 £+2 (for main span)

.
i

and A, = 55 in® = 0,382 £2 (for side span)

2

::CD

= D tu = 1.78 £%

<

E . 2 .
| =G 24 sin ¢h cos ¢h = 0.1062 £4°

1, , 1 1
011 ‘ 2 ( eu 6[ ) 449
and 6, = 0.2005 £42
0, = ¢ A, sin’ 8, cos 8 = 0.07131 £t°
A = 8.87 in?
2
Ad = 10.65 in
6
E_29.6x10" _ _1
G 41,4 x 10° 0385
bdp 0
5 v_h > = 00325 £t2
b Ov +d Gh

The center of gravity (c.g.) is 8.8 ft. above the bottom of truss.
The distance beiween the center of rotation and the c.g. is 3.86 ft.

The torsional modulus

I, =2abg= 37 £t4

The warping factoxr
ALA

172 2 .2 a€ 2
C =2 b a® (% - —==—)
W A1+A2 b()v
The factor
o - g B
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2 ~ b
IS \Hw 2t & ID)
. TR
For main span sz = 30,500 for side span Cw1 = 28,500
de = 00041 dTl = 2011
ﬂTz = 4‘33 ﬁT1 = 32’5

The hanger force S = 2,416 1b/ft/cable

The distance from c.g. of suspended section to center line of suspender

pins should be
hr - hw = 2,87 ft,
and JA=Smx? = 80,500

Then the natural frequency in toxrsional oscillation should be

L

e

s2 k., L +SL .
by Agp , Sta~h ) L
Wy - M - oy = Rgp)
2. 1 =1
! o S(h,-h )
W™ - = - gy Ay )

by several trials

Wy = 2.81 rad/sec.

Wp ¢ .
Then Ny = 55~ = 26.85 cycles/min.

This value agrees with HT = 23,3 cycles/min. by Steioman's method.
Thus using orthotxopic deck instead of top laterals increases the NT by
15% and shows that Steinman's method is not so accurate as Selberg's

method for unegual top and botiom laterals.



-
N
o

8.6 Comparison of Bleich's Flutter Theory with Bocard, Selberg and
Frandsen Theories |
Becenfly, Bocard, Selberg and Frandsen have brought out much simpli-
fied methods of calculating critical flutter velocity, which have checked
accurately with model studies. These methods are shown in Frandsen's

pape:c.m

The critical velocity Ve obtained by Bleich, Rocard, Selberg and
Frandsen for n=1, and n1=1, revealed a good agreement within a 3% @if-
ference. The v, value was baged on the low value of (Jz and excluded the

effect of an orthotropic deck,

8.7 Critical Velocity Due to Coupled Oscillation snd Vertical Oscillation
by Selberg's Method
8.7+1 Coupled Oscillations
The coupled vertical-torsional oscillation  with mode n=1, ,n1=1, the
critical velocity v, = k Vo k values could be obtained from graphs in

Selberg's paper depending on various wT/“’v ratio, The angle of attack

are o= 0° £ 5° and ¥ 10° to horizontal surface.

From Fig. 8.1 d/b1 = 0.0256

The preliminary design with

A, = A = 61 in® = 0.423 £t
and &y = 4+ (160t = 72,3 in® = 0,502 £t?
vhere Ay = A (upper chord area of stiffening truss) + (i /6)btu

4y = B (lover chord area of stiffening truss)

b = width of bridge = 57 ft.
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ty = thickness of deck plate = 3/8 in.

then wT = 2.81
&)v = 10335

“)T/‘Av = 241

3 .
and sto.Mwa]U—( w;)2>ﬁ— = 165 mph

This value is higher than before, which includes the oxrthotropic
deck action. It is the most accurate calculated value and used through-

out the design.

The result of cxitical velocities (vc = k VF) on various attack

angles is shown in table 8.2.

TABLE 8.2 CRITICAL VELOCITIES FOR VARIOUS ATTACK ANGLES

Ansles of Attack K= 0° A= +5° o= =5° ol=4+10° o =-10°
Critical Velocity| s k ook k e k o k o
vy 0.79 | 130 | 0.36 5? 0,37 | 61 [0.162}) 27 | 0.171 28
ALY 0.75 | 124 | 0.455] 75 | 0.47 | 78 10310} 51 | 0.315 53
v3 0.60 99 | 0.50| 83 | 0.51 | 84 |0.365; 61 | 0.37] 62
where v, = the high wind velocity where an initiated oscillation of

¢1 = ¥ 0,01 radian (i.ee 0035') will be stable or decrease.

vy = the wind velocity where an initiated oscillation of

¢2 =¥ 0.1 redian (i.e. 5°44') will be stable or decrease.

v, = the wind velocity where an initiated oscillation of
2
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=2 0.2 radian (i.e. 11°27') will be stable or decrease.

To verify the accuracy of results, the following factors should be

considered.,

A. Factor which would reduce the above critical velocities

1.

2.

3.

4-

Factor . Rough Estimate
of effect
Presence of handrail, lower truss, curbs -10%

etc. instead of idealised deck.

The actual 4 value of 0.07 exceeds the

value of 0.018 used for the model test- =10%
ing.

The model k values are based on damping
logarithmic decrement § = 0.04 to 0.05.

This probably high for oxrthotropic deck
étructure, generally may be down to 0.02 -5%
Effect of lateral wind force neglected in

model tests =5% to -10%

'B. Factor which would increase the above critical velocities

1.

Vp value is calculated for no damping

effect. The effect of tower bending and

toxrsional stiffness of towers is alsoc - + 10%
ignored

Assume identical vertical and torxrsional

modes by putting D=1 in Bleich's termi- +5% to +10%
nology is not correct.

Oscillations are not self induced by steady +5%

wind.
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From all above factors, the critical velocities against wind may
be 107% too high. However, this ig compensated by the high figures used
for mean design wind. In audition, the final flutter velocity Vp = 180 mph
is 10% highexr than the prelininary Vp = 165 mph and is completely safe
based on the required maximum horizontal design wind velocity (i.e. 104

mph ) .- Therefore, the results of critical velocities in Table 8.2 are quite
Justified,
84742 Vertical Oscillations

Compared witn the coupled and torsional oscillations, the vertical
oscillations are of minor interest. They will not be of a catastrophic

nature., However, they are frequently observed on bridges, but have never

been the main reason for disaster,

The critical velocity in vertical oscillation with the mode n=1

and n1=1 should be
V, = &va%,b
vhere W, b= 1.335 x 57 = 76
k* is given in graph fromvmodel tests.‘

Refer to the graph in Selberg's papexr kv values show complete sta=
bility from O to 0.25 and from 0.4 30 3.8.

v, = 76 kv ft/sec = 51.8 kv mph

Thus the bridge will be completely siable with wind speeds of 0 to

13 mph and from 21 mph to 197 mph.

The amplitude of vibration is

HMaximom ay = a

Clagnam 10,018
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vhere adiagram = 0,01 b for low velocity vibration.

8.7.3 Conclusion on Coupled Uscillation and Vertical Oscillations
A. Coupled Oscillations
1, For attack angle o= 0°
This is a horizontal wind where Vf>Vé>V3 and thus the section is
completely stable up to vy = 130 mph. Wnen velocity exceeds 130 mph

will immediately become catastrophe,‘then v, and v3 are not important.

2. For attack angle A= iy 5°

The bridge will undergo small oscillations but of ne danger under a
steadj wind of 59 mph at 50 angle of attack. Comparison with Severn
Bridge site wind studies shows a maximum speed of 44 mph at 40 angle
of attack. Thus 59 mph at 5° attack can be considered highly improbable
and 75 mph for v

or 83 mph for v, unlikely. Hence the bridge should be

2
stable up to 5° angle of attack.

5

3. For attack angleo = 10°

The bridge will undergo small oscillations but of no dangexr under
a steady wind of 27 mph at 10° angle of attack., No figures are available
for likely site wind speeds at this angle, but steady wind fox an extended
pericd of several minutes on whole bridge length, must be considered highly
improbable. Steady wind of 51 mph at 10° angle of attack may also con-
sider impossible. This is confirmed by wind test at the Forith Bridge site.
Thus the bridge is completely safe against dangeous or catastrophic coupled

oscillation.

B. Vertical Oscillzation

The vertical oscillations with amplitude up to just over one foot
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are possible at low wind velocities in ransze of 13 to 21 mph. This would
not effect the safety of the bridge and it can be overcome by increasing
damping capacity in order to reduce thig possibility. Selberg states
that possibility of this low velocity vibration may be over emphasised

as only possible on model if induced at coxrrect amplitude, thus may not

be self induced by wind in practice.

8.8 Studies of Mean Wind Velocity at Site

The Nafional Building Code Supplement Ho. 1, 1965 shows at Halifax,
maximum wind gust speed of 88 mph on a 30 year return period, at a 30 ft,
height. 7o set up oscillation a steady wind over the whole structure is
required. The bridge truss is at the height of 130 ft. to 190 7t. for
vhich the N.B.é. gives a height factor of 1.4 to be applied to the wind
ﬁressure. As the wind pressure iS¢xv2, the wind velocity factor at this
height woula pe [1.4 = 1.183. Then maximum design winu velocity at truss
level of the bridge would be

vdesign = 1.183 x 88 = 104 mph

NBC also assumes gust speed increased in proportion to (height)1/10,
and this is used in table cf pressure for increasing heignt. Taking average

truss elevation of 170 ft., the gust speed on %0 year return should be

1/10
v = 1—2%331/10 x 88 = 105 mph

Selberg gives a mean wind velocity for design in Horway Vo ean
= 0.77 Vaust.
Yeax return should be Viean = &1 mph.

1~ ¢

Then the mean wind velocity in Halifax bridge on 30

Davenport in Canada proposes formula for changing anmuszl. veloeity
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U to velocities for different return period.,
v=1 +(1/a)logé T
where r = return period in years
1/a = a scale factor taken as 8.0
Then for 30 year return period
v=U4+ 27
for 100 year return period
v=U4+ 37
Thus amnual velocity (r=1) increased by 27 mph to get 30 year value
(r=30) and 37 mph to get 100 year (x=100) value. ‘he difference from
=30 fo r=100 is 10mph. ‘Then the mean wind velocity on 100 year return

period should be 91 mph,

Compared Qith Hirai's Method15 which gives height formula applied
to mean spesd, with different factors for different topography, for the
gust speed = 88 mph at 30 ft., on 30 year return, then mean speed

V30 £y, = 0.77 x 88 = 68 mph

at iTO ft. the wean wind velocity for 30 year return should be

- 119yp _
V470 £t = 68 ( 30) = 84 mph
where P = 1/8 for open water

Then the mean winu velocity on 100 year return should be 94 mph.
Therefore the assumed design mean wind velocity of 104 mph was high and
would balance possible 10 error in the critical velocity. (referred to

section 8.7.1)

8.9 Bottom Lateral Revision end Affect on Aerodynamic Stability



143

In oxrder to take care of live load torsional stresses, the bottom
laterals had to be increased in size to 124 m by 10 in. average in main
span, after the preliminary stduies were completed. The I section was
mede up of 2-10 in. by 7/16 in. flanges and 1 - 11=5/8 in. by 5/16 in.
web, and the area was 12.38 in.2 The distance from tne uppér lateral
system %o the rotation center at the cross-section of the ‘bridge, by

Selberg's method, should be

e = =1.61 £t (i.e. 1.61 ft. above deck)
where & = 100.7 in® = 0.7 4.2

A, = 61 in° = 0,423 £t2
9, = 1.78 £t°

"0, = 0,148 £t2

1/'9h = 3,66
6, = 275 542
6, = 0.0731 £t

€= 0,043 1t2

' The center of gravity (c.g.) is 8.7 ft. above the bottom of truss.
‘The distance between the center of rotation and the c.g. is 3.41 ft.

The torsion modulus f

= 4 ]

ID 49 £% .

The warping factor Cw

For main span Cw2 = 26,900 For side span Cwl

and the factor O(TZ = 0.,03%62 o

]

25,200

1.866

1

/‘:"‘112 = 5e55 ﬁ’T.l = 41.6
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The hanger force
S = 2,416 1b/ft/cable

The distance from c.g. of suspended section to ¢ of suspender pins should

be hr - hw = 2,97 ft.
Then the natural frequency in torsional oscillation by several trials

Wy = 303 rad/sec
Then N, =u%/2n, = 29.0 cycles/min.

And , ‘*’v/“’T = 0,44

The flutter velocity vy = 264 ft/sec = 180 mph
By increasing the bottom lateral avea the critical velocity against
the wind rose from 165 mph to 180 mph. This is about 10/% higher than the

preliminary critical velocity.

8.10 Bridge kodel Under Wind Tunnel Test
8.10.1 Introduction

" The effect of wind load is an important factor in the suspension
bridgé, both when the structure is completed and during erection phases.
Most of the wind tunnel tests to date have Dbeen based on the steady wind
blowing from various directions against the completed bridge. The infor-
mation of the partially-built situation and the contractor's potential

problems with winds during field assembly is little known.

A series of mocdels tests were carried out by Dr. A.G. Davenport in
the Univeristy of Western Ontario during the year of 1969. The behaviour
of suspended spans during erection phases and the completed bridge in tur-

bulent flows was of great interest to the researcuers. On the other hani
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the superstructure contractor was also concerned about erection stresses
and, wanted to know how strong winds would nafe to be before lifting sche-
dules were affected. They particularly wanted to know whether steel work
on the center span should be installed in complete units or with deck plates
left off. Finally the Eonsulting engineexrs wished to confirm the calculated
behavior of the completed structure by model studies. The three parties

therefore collaborated for the wind tunnel tests.

The investigation covered four stages of construction and included:16

1. A 1/150 scale mechanical model to aid in the determination
of the dynamic behaviour during erection.

2. A 1/40 scale section model to investigate the critical
velocities for instability during erection phases and the
effeét of partial removal of the deck plate.

3, A 1/320 scale aeroelastic model of the full bridge in
turbulent boundary layer flow representative of tne

natural wind and in smooth uniform flow.

The study began with the determination of the critical wind épeeds
at various stages of erection from the section model. Uext, the influence
of removing tne central +thixd, the two otner thirds, and then all of the
deck plate on these critical wind speeds was considered. From these studies,
four erection phases, Fig. 8.2, were selected for study using the full

bridge aervelastic model.

8.10.2 Mechanical liodel
A mechanical model of 1/150 scale of the A. Murray Mackay Bridge was

set up in oxder to determine the dynamic properties of the bridge during
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the various construction phases. 'The model represented the entire

suspension bridge from tne Dartmouth to Halifax cable anchorages.

The frequencies and the mode of oscillations of the bridge were
determined from the mechanical model for various construction stages

of the bridge.

The lowest natural frequencies of the bridge vary significantly
throughout the deck consiruction phases. The lowest symmetric and anti-
synmetric frequencies of lateral oscillation are epproximately half the
final values. Tae vertical oscillations are slightly greater than the
final value after 20% erection. It falls to a value slightly below the
final value as construction progresses until bolting of bottom chords and
addition of roadway surfacing takes place. Torsional frequencies through

construction are lower than the final value.

The mechanical model showed a close agreement with the mode shape
and natural frequencieg obtained tneoretically.
8.,10.3 Section Model Tests

A modél representing a 160 ft. section of bridge deck was set wp
to a geometric scale of 1:40. The section model was mounted on springs
in order to allow the simulation of appropriate drag, vertical, and

torsional freguencies of oscillation.

The purpose of the section model tests was to determine the wind
velocity at the onset of aerodynamic instability of the bridge during
various construction stages. TInorder to permit an evaluation of diff-
erent bridge deck erscticn procedures, the influence of deck plate

coverage on the critical veloclty v, was studies, Since zerodynanmic
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instability was expected to occur in the form of coupled vertical and
torsional oscillations, the most critical construction phase was consi-
dered to occur when the ratio of vertical to torsional frequency approached
unity. This would De more likely to happen only during initial construction

Phase 1 (i.e. 4 to 12 number of 31 £t. 8 in. deck section were erected at

tue center or tne main span).

In addition to measurement of mean ani dynamic deflection of the
model, mean coefficient of 1lift force, drag force, and torsional moment
were measured for the final deck configuration with guard rails for a range
of attack angle -9 2y ¢ 90. all sectioA model tests were carried out

in smooth uniform velocity flow.

The dynamic response of the model was irregular and typically very
small until a critical wind speed was reached. Increasing the wind speed
beyond this critical value resulted in a sharp increase in response ampli-
tudies. The motion becaume very regular and consisted of coupled vertical
torsional oscillations. The frequency of these oscillations was between
" the uncoupled vertical and torsional frequencies and was found to reduce
sligntly with further increases of wind velocity. The effective center of

rotation was found to be upstream from the bridge center-line.

The influence of removing paxrt of tane bridge deck plate was to increase
the critical velocity during construction Phase 1. It was seen to increase
from about 50 mph full scale with fuil deck plaie to about 150 mph with
deck plate only along the central third of tne bridge. The influence of
increasing mechanical damping for the final bridge with all deck pl;te

in place was to sligntly increase tue critical wind velocity.
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8.10.4 Full seroelastic lodel

4An aeroelastic model of the full bridge was constructed to a geometric
scale of 1:320, ‘The main towers of the wmodel were rigid, mounted on splines
al their base to give tne required longitudinal bending stiffness for a
point load applied at tie top of the tower. The torsional stiffness of
the towers, defined in terms of the opposite acting longitudinally applied
forces at tne top of tower leg required to produce unit tower leg displace- .
ments in opposite directions, was only approximately modelled. The cable
bents were cantilevered from the model base and represented the combined

stiffness and mass of the full scale cable bent and cable backstages.

' The test program consisted of investigating the time~average and
dynamic response of the bridge during the four construction phases over
a representative range of wind speed and direction. To realize wind
condition at the bridue site, two wind expdsures'were used in the model
investigation. One wind exposure, referred to as "smooth exposure"t was
representative of wind coming over Bediord Basin'oi Halifax Harbour. The
other eXposure referrea to as "rough exposure" was representative of wind
over a relatively rough, built-uy terrain quartering wind or winds
parallel to the prototype bridge. The full bridge model in the wind tunnel
with floor surface roughness used to develop the “smooth" and "rough" wind
exposures weré vested. Hot wire anezometer measurements were made of both

the mean and turbuleni flow properties.

The aeroelastic model representing the final bridge Phase 4, was

also tested in uniform smooth flow. The response of the aexroelastic model.
in smooth flow was considexrably different from that observed in turbwlent

boundary layer fisw. DIynamic response amplitudes were generally small.,
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however, mean 1lift{ and torsional deflections increased with velocity until

the bridge became statically unstable at aboﬁt 135 mph full scale.

8.10.5 133520 Scale Section Model

In order to clear tae possible cause for the observed difference in
aerodynamic stability between section and aercelastic model in geometric
scale, a 1:320 scale section model was constructed to repreéent approximately
a 170 ft. portion of the bridge. This model was mounted on springs and
rlaced between sta@ionary end plates in the wind tunnel. Tests on this
model were conducted in uniform smooth flow for an angle of attack «=0°

and with one value of mechanical daaping. -

The response of the 1:320 scale section model was found +o be quize
similar to that of the corresponding 1:40 scale section model. Response
amplitudes were small until a critical velocity was reacned. Above this
velocity regular coupled vertical-torsional oscillation were observed.
From these results it was concluded that the difference in response of the
full aeroelastic mcdel and the section model could not be explained by

the scale difference.

8.10.6 Conclusions on Model Tests
After the full series of model tests, the following conclusions were
reported by Prof. Davenports:

1., The éritical velocities for instability during erection
phases were indicated by section models to be substantially
lover than those for the completed bridge.

2, Turbulence in the airstream had a profound influence on

the behaviour during all ercction phases.
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Instability of the coupled torsional-vertical mode were
encounted in Phase 1 of the erection but at a wind speed
considerably in excess of that indicated by the section
model test. In an extended test with the completed bridge
coupled torsional-vertical instability was noted at 200 mph.
At 210 mph divergent instability occurred in turbulent wind.
Measurements on tne full aeroelastic model integrated wita
meteorelogical information indicated that aerodynamic
instébility with the full deck was improbable during any
construction phase.

Prediction of behaviour of bridge during the erection

- phases indicate tnat maximum vertical deflection may be

expected during Phase 2.

Predictions of behaviour of the completed bridge appear to
be in accordance with normal critefia. Maximum hourly
single vertical amplitudes approximately 1/400 of tne“

span may be expected once every 30 years: transverse ampli-

tudes are smallex.
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CHAPTER 9

SUBSTRUCTURE DeSIGH

9.1 Main Pier Design

The Halifax main. pier is located about 60 fi. offshore and that of
Dartmouth is about 814 ft. beyond the shore. The rock line elevation is
-31,5 ft. at Halifax and -73.1 ft. at Dartmouth. The bed of the Nariows
consists of a soft coarse gravels, sand and boulders at an average depth
of about 15 ft. Underneath these overbuvden, tne solid quartzite bed
rock iz found. The rock pressure capacity is 20 ksf for normal loading
and 25.ksf with wind load. The stream flow is 1.27 ft/sec based on § knot/

hr. and the design wind preséure on tower foundations is 31.5 psf.

Two borencles were made at each pier, which were carried well into
the solid rock formation. after extensive analysis of the bedrock, it
was found that adequate pressure was available tb construct the piers on
both sides. In order to anchor the piers and be sure of sound rock, they

were embedded two f£t. below the rock line.

The direct load from the superstructure to each main pier is about
13,200 kips. Z2oth piers are rounded at the eads and hafe a dimensiox. of
24 f£t. by 95 ft. at the lower portion and 20 ft. by 91 ft. at the upper
as is shown in Fig. 9.1. 4 total of 34 anchor-bolts, 3 in. diameter and
14 ft. 3 in. long, were embedded into eacn pier. The bolts wexe set to
a steel template and the entire tower seat was ground. to the required

level,
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Two types of concrete were used. In the upper portion an ultimate
strength of 4,000 psi while 3,500 psi were employed in the lover porticn.
Both ways temperature bars of 5/8 in. diameter at 18 in, were placed at
all side surface and 1-1/8 in. dowels, 4 ft. 6 in. long at 18 in. were

set between the upper and lower portions.

9.2 Cable Bents and Portal Frame Piers

The Dar‘bzﬁouth cable bent pier is located about 300 ft. offshore.
The design conditions are exactly the same as for the main pler. ‘This
pier is also rounded at the ends and has a dimension of 18 ft. by 75 f£t.
at the lower portion and 15 ft. by 72 ft. at the upper portion. The

direct load from the superstructure is about 3000 kips.

Two other piers of the approach spans are also partially underwatexr
at the Dartmouth side. Both of these piers are constructed to the sanme

coafiguration as the main piers.

The approach spans are supported by slender concrete portal frames.
All the shafts and horizontal struts of the frawes on the Dartmouth side,
except the two closest to the abutment which have smaller size, ave 8 ft.
by 8 £ft. The Halifax shafts are much shorter, consequently, the size is
only 7 ft. by 6 ft. The footings, vary from 13 ft. square to 16 ft. square,
embedded 2 ft. below rock level. One of these frames on each side stands
directly on the anchorage. This extra lead from the frame is always

advantageous to the anchorage and increase its stability.

9.5 Abutments for Approach Spans

The zgbutments on each side are identical in configuration. They
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congist of a L shape seat beam and two rectangular columas in the form of
a portal frame. This is an open filled type abutment and the superstruc-
ture is simply supported on the rubber bearings of the seat beam. The
whole abutment is covered by soil or granular f£ill. Therefore, no wind

" pressure has been considered except that transferred from the superstructure.

'The seat beam is 4 ft. deep and 7 ft. wide with a 1 ft. 3 in. back
walle The columns, 30 ft. apart, are tapered from 6 ft. by 5 ft. at top
to 9 ft. by 5 ft. at the bottom. These columns are rigidly connected to
the combined footing (5 ft. 6 in. decp) also embedded 2 ft. below the

rock level.

94 Aﬁchorage Piers

The anchorage pier is of mass concrete sufficiently heavy to resist
the anchorage pull of the main cables. The shape takes advantage of the
lateral support from the surrounding earth. The'weight is concentrated
towards the rear in order to minimigze undue tow pressures from tne over-
turning effect of the cable pull and a heel block extends 20 ft. further

into ground in oxder to gain more horizontal resistance.

The size of the anchorage pier is 88 ft. by 94 fit. with 63 ft. height
at Dartmouth side and 85 ft. by 94 ft. with 57 ft. height at Halifax. Both
are U shape with the mass of concrete at the heel. The wing blocks are

28 ft. by 39 ft. with 46 ft. height.

Basically, the anchorage consists of a heavy concrete box providing
anchorage for the main cables, together with suitable inspection chambers.
The shafts of the portal frame, from which the approach span is supporiad,

are carried on the flat xoof. <The exterior of the anchorage is treated
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architecturally. Aiccess ie tr= snchorage is provided by a door at ground
ievel. These chambers are venvilated by concrete grilles set low down

in the side walls.

With reference to toe sta2ility of the anchorzge, sliding due to
the horizontal pull of the cztles is resisted by the horizontal friction
developed between the concrete and the rock foundation; and by positive
horizontal bearing on the froa: pedestal, the battered sides of the
main structure and of the heel bloci. A coefficient of friction of 40%
vas assumed and the allowable horizontal bearing on the rock is 5 kips/
8q. ft. The resistance to slicing éeveloped over the base area only is
just greater than the horizoaitzl component of the cable pulls. However,
the total factor of safety is siigatly higher than 1.5 with 14,208 kips

horizontal cable pulls,
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CHAPTER 10

STeEL FABHICATION

10.1 Fabrication of the Orthotropic Deck

The rapid evolution of orthotropic bridge primarily depends on the
wide application of wvelding and prefabricating in the shop. The large
number of welded joints affords a good opportunity to sub-assemble the
section for automatic velding and modern fabrication methods. Since most
of the deck sections are identical, they may be set up in a jig and welded

rapidly and efficiently.

The superstructure contract vas avarded to Cansdian Bridge Division
of Hawker Industries Ltd. in MAugust 1967. The oxrthotropic deck was sublet
to Eastern Car Ltd. and all the sections were built in their Trenton
Plant, Hova Scotia, about 100 miles from the site. The deck Danels of
the main span were assembled on shore at the site while the side span
sections were hoisted in position piece by piece and assembled in nig-

air,

The middle deck sections were built to 18 ft. vy 31 f£t. 8 in.Y
while the two outside deck sections were constructed to 18 £t. 3-5/8 in.
by 31 £t. 8 in These three sections combined to form a 57 ft. wide deck.
At the time of fabrication, automatic wvelding processes were videly adopted,
and the submerged arc wethod was used for rib to deck plate vwelding., Iu
order to eliminate splicing at each floor beam, the ribs ran the full

length of a panel, with webs of tne floor beams cutout to fit axound the

ribs. The closed Tibs were bevelled along the edges for the V-gToove
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velded connection to the deck plate, which called for 90% penetration,
A1l these welding had 100% magnetic paxticle.inspection for the first
3,000 £t. of longitudinal ribs, and after that, a 3 ft. long inspection
at each end of the fabricated section was required, kach section was

made airtight by the end diaphragms to preveﬁt corrosion of the inside

surface and pressure tested.

All the field splices weve connected with 4-325 high strength bolts,
this being more rapid and convenient than field welding. On the other
hand, an orthotropic deck truss would have a lower damping capacity than
a truss with a standard floor system, as tne frictional dauping provided
by stringers sliding on floorbeams as the truss deflects would be lost,
Riveted and bolted structures have higher damping tnan welded structures,
hence all oxthotropic deck field splices to be bolted rathexr than welded.
It should be noted that the floor beams were welded to the ribs in each

deck section and bolted to the floor trusses at the site.

10,2 Fabrication of Stiffening Truss and Hain Tower
10.2,1 Stiffening Truss

In order to achieve the correct load distribution between cables and
truss wherein the latter are unstressed under dead load at normal temper-
ature, it is essential that the field-geometry of the structure shall
confoxm closely to the theoretical dimensions. The lengths of cables
and suspenders were obtained accurately, and every effort was made to

avtain equel precision in tne profile of trusses.

The contractor made complete detail drawings of the txusses from the

end of the side~span to the middle of the central span, and each section



161

vas fabricated individually. On account of the constantly changing .
gradient of the suspended structure, the only repetitive details were
those of the vertical member. The engineers required accurate facing ofv
the ends of chord-members at all splices, and the varying angles of these

members necessitated extremely precise workmanship.

The trusses were fabricated in sections of approximately 39 ft. 7 in.
in overall length, each shipping-piece comprising two vertical menbers,
four diagonals and 31 ft. 8 in. of each chord. The upper chord splices
vwere made immediately underneath the hangser. The truss sections were
shop-assembled and levels and dimensions were checked before reaming and

bolting took place,

10.2.2 Main Towers

The main towers were sublet o Bridge and Tank Ltd., and all the
sections were fabricated in their Hamilton Plant, Ontario.

In view of the importance of Precise alignment of the tower~columns
to ensure their verticalitly when erected, great care was taken in the
fabrication. At least three sections of ezch main towex-column, comprig-
ing core and both wings, were assembled together in the shop before ream-
ing the holes of the fixst splice; One additional section was added
before reaming each subsequeat splice so tnat no fewer than three seciions
would be assembled at each stage. In practice the core section would sus-
tain the full bearing, utmost carc was taken before reaming the holes.

The longitudinal centre line of the tower-column was marked on the first
sections assembled and prolonged and checked for straightness as the woxrk

proceeded.
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The length of the tower-columns as detailed and fabricated was 1 in.

longer than the theoretical, that amount representing the normal compres-

give strain when in service.

10.3 Fabrication of Cable Strands and Suspender Ropes

The strand of the main cable was built up of a core of 9/9/1 with
two outer layexs of 15 and 21 wires respectively. 45 of the total of
55 wires were of 0.193 in diameter, (the core wire was 0.215 in diameter
while the rest ? wires of first inner layer were 0.1055 in diameter)
before galvanizing. The normal diameter of the galvanized strand was

1.571 in. and the weight was 5.11 1lbs. per ft. Fig. 7.15

The fabrication of the strands was done at Wire Rope Industries
plant at Lachine, Quebec. The strands were spun in two operations, tae
first of wiich consisted‘in laying up the core of 19 wires together with
the intermediate row of 15 wire, all in the samé direction. In the seconi
operation, this assembly of 34 wires became the core onto wnich, but in
opposite direction, were laid the 21 outer wires. Linseed oil was used

as a lubricant to preserve the galvanizing.

The suspender rope was fabricated in the same manner as main cable.
It was built up of sii 43-vire strands leid around an independent-vwire-
rope center of seven strands of seven wires each. Six sizes of wire were
involved, the total number of wires being 307. The nominal diameter of

the galvanized rope was 2.183 in. and the weight was T7.84 lbs. per ft.

10.4 Cable Strand and Suspender lope Prestressing
In the cable of a suspenzion bridge it is important that the tensile

stress should be es nearly uniform as possible over the whole cross section,
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since any departure from such uniformity means that cexrtain of the com-
ponent wires or sirands are receiving more than their share of the load.
In the case of a parallel-wire cable, even stress-distribution is assured
by the uniformity of the wire material, which is attained by careful manu-
facture and strict inspection; and by the method of erection, whereby the
individuel wires are all assembled to a common sag. With a stranded cable
as in the present case, two further considerations are involved. It isg
desirable in the first place, that the component wires of any one stiand
shall shaxe the\strand-load equally; and secondly, that the strands them-
selves shall posses uniform elastic properties in order to participate

equally in the cable-tension.

The first of these requirements depends upon the design and fabri-
cation of the strand, and the degree of its achievement may be demonstrated
by tests to destruction. In an ideal strand all the component wires would
fail simultaneously, but, owing to the slight additional stress in some
of those wires due to their helical shape, the "éfficiency" of the éfrand

can never attain to the ideal value of unity,

The second requirement is obtained by pre-stressing the strands
before their assembly into the bridge-cable. Although during fabrication
the wires are laid into the strand undexr considezable tehsion, furthexr
consolidation of the assembly is needed in order to obviate the gradual
lengthening, of uncertain amount, that ordinarily occurs when a wire rope
ig first put into service. The process of pre-stressing consisis in the
subjection of each strand to considerable tension, and mainteining that
tension until such time & sirvetching has ceased or has become negligible,

the effect upon the sirand being to increase its modulus of elasticitiy



164

from a comparatively low figure which varies socmewhat fox different
strands,to a higher and much more unifora value. Wwhile the strand is thus
unrealed it is the practice to reduce the tension to a figuxe approximately

to the normal dead-load tension, when it is accurately measured and marked

for cutting and socketing.

‘The pre-stressing process provides an opportunity for ingpection of
the strand; and it slso demonstrates its capacity to support greater loads

than what is actually required.

The specification regarding pre-stressing and measurcment of the
strand is as followss
Wiach strand shall be finished to a length in excess
of the final length of the strand in place, and then
pre-stressed to a tension of at least one-half of the
‘specified ultimate strength of the strand (i.e. to
150,000 pounds) and held at tnis temsion until stretch-
ing has ceased, but in no case for less than 30 minutes.
The tension shall then be decreased to about 96,000
pounds at whicn load the strand shall be measured and
the necessary reference pceints established for use
during erection. The marking tengion shall be maintained
while a suitable mark is painted along the strand as a
tell-tale in case of subsequent twisting. Tests for
modulus of elasticity shall be made on lopng lengths of
ail strands during the pre-stressing process. Ho depart-
ure from the specified pre-siressing procedure will pe

permitied without pxrior written spproved by the Engineex.
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The pre-stressing was alsc done at Wire Rope Industries plant at
Lachiﬁe, Quebec. Sufficient space was not available for the full length
éf the main cable in tois manner, and permission was granted by the
engineers to lay eacn strand out in 900 ft. sections which were in

turn unrolled, prestressed, and reeled in again.

ALl pre-stressing and rarking was done at night, commencing some
time after sunset to ensure that uniform temperature obtained throughout
the strand. The thermometers were laid against the strand, approxinately
at the quarter ;oints, and the mean of their readings was taken as the

temperature of tne strand. All the pre-siressing of the cable strands

was done in June, 1969.

The pre-stressing procedqure of suspender rope was substantially the
same as for the strands, the main difference being in the length of pre-
stressing period. The specified minimum fox this was two hours. The
modulus of elasticity initizally an uncertain quantity was uniform after

6 .
pre-stressing, being 18 x 10 psie.
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CHAPLER 11

COUSTRUCTION

11.1 Construction of Substructure

The construction of the subsiruciure was carried out by kovbert lc-
Alpiné Ltde, Halifax. This 2.7 million dollars bridge substructure
contract including piers, abutments and cable anchorages was started

in June, 1967.

The construction of cable anchorages began with the heel block,
which took the form of an open cell caisson with its outer walls poured
directly in contact with undisturbed ground. Placing of the concrete
walls and base slab was done before the middle well of the caisson was
filled. The two outer wells, which were shaped to accommodate the splayed
anchorage steelwork, remained open to receive the steel at a later date.
After the mass concrete, at the base of both wings had been placed,“the
cable anchorage steel was positioned in the outexr walls, and incorporated.
into the pier ingide the wedge-shaped concrete mass. The junction of
this concrete with earlier pours was reinforced, in common with all other
important bonding planes; by heavy dowels. The anchorage remained in its
uwnfinished state, with the cable chambers exposed, until the cable assembly
was sufficiently advanced to admit of the placing of concrete behind the

anchor buttons, followed by the roof slab and the stairway treads.

During the forming of the ancnorazes, the main tower piers were
being construcicd simulianeously. Wnile fhe caissons were being prepared,

the rock at tnw sier site was excavated, 2 ft. below rock suxface, to make
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a level landing. At Dartmouth pier, the w»ock was drilled and blasted from
floating equipment, the broken material removed by dippexr-dredge, and the

bearing-area then cleaned and trimmed by divers.

The main pier work was a fairly straight forward task of cofferdamsing
with sheet piling and tremie pouring the pier down to bedrock. Fig. 11.1.
Three military style landing crafts were used to deliver the pre;mixed
concrete out to thne mid-channel bour area on the Dartmouth side. Each
craft carried four 2-cu~yd., buckets shuttling back and forth from shore-
based batching trucks. The tremie placement at a rate of 60 cu. yd. per
hr, was hit. It took about 5 days to complete the 55000 cu. yd.of iremie

concrete pouring at the main pier,

For the Dartmouth cable-bent base which was closer to shore, "Belt-
crete’ conveyors were employed. ‘The pre-mixed concrete was carried across

the water to reach the pour site.

The concrete shafts of the portal frame piers were erected at both
approach spans during the casting of anchorages and main piers. Fig. 11.2.
Since most of the shafts were identical in size, steel snuttering was

widely used. Fig. 1.3

The piers cross beams, with the same shuttering, were generally shaped
by special self-supporting Delta steel forms that bridged between the com-

pleted columns.

The towexr pier at Halifax side was erected in dxry conditions, whers

&ccess was available by a construction dike. Fig. 11.4

About 93j; of the substructure was completed by the end of August, 1968.



The remaining work such as the completion of the front walls and roofg

of the cable anchorages had to be built after the completion of the main

span.

11.2 Construction of Main Towers and Cable Bent

After the bearing surfaces of the concrete piers were carefully dressed
to be flat and level, heavy canvas sheets approximately 1/8 in. thick and
saturated with red lead paint were then laid over the bearing areas and
the bases of the towers erected in place thereon. The nuts on the anchor

bolts were then tightened down with 50 kips per bolt to pre-load the ancnor
bo.lts.

Each cruciform column of the towers was made uwp of a constant rec-
tangular steel section 8 f£t. by 4 ft. and two tapered wings on either
side of the 8 ft. length., All sections were welded from plate with
internal T shaped stiffeners. The wing sections consisted of only three
plate in a U shape with continubus narrow flanges welded to the free

edges to facilitate bolted assembly in the field.

After the base and 2 sections of the tower were in position, a
creaper consisting of a structural framework built to embrace the two
tower columns, and on which was erected a steel stiff-leg derrick. The
derrick had a capacity of 40 tons at a radius of 50 ft. enabdbling loads to

be picked up from scows moored alongside the pier.

The entire creeper-assembly was capable of being jumped up the towex
by lifting-tackle attached to the tops of the columns at each stage of
their exection, and was guided by sliding-devices attached to those

columns. The width of the creeper was adjusted at each move in accor-



dance with the decreasing size of tower. In its highest position, hung
from the last splice-point, the creeper erected the top sections of the

columns and bracing, and the top strut. Fig. 11.5.

Low level erection of tne tower was done by ground-based mobile
cranes of barge-rounted booms. Fig. 11.6. After 9 weeks' work, the
Halifax tower was topped off, the Canadian Bridge crews sfarted to repeat

the performance on the Dartmouth tower.

The cable~bents were erected first, the base plate set on canvas
gsooked with red lead on the dressed central areas of the pedestais and
fully grouted as soon as the colwmns had been nade plumb. The 3 ft. by
5 ft. rectangular box sections wexe shop welded and assembled on site.

The construciion procedure was similar to that of the main towers.

11.3 Approach Spans

By the time of stripping the last forms of the portal frame piers,
the steel box girders and floor beams of voth approach span had been
delivered to the site. The box girders were shop velded and the double
lines of llelson studs were also welded to the top flanged of the girders.
Fig. 11.7. Erection of the approach spans was started in May, 1968; and
by the ead of the sage year the Dartmouth approach had been erected.
The construction of Halifax approach span was slightly slow and 21l the

steel work was furnished in the early spring of 1969. Fig. 11.8

Once the box girders and floor beams were in position, the placing
of 83 in. reinforced concrete slab was immediately followed. After the
1%—in. esphalt wearing surface was paved, it gave & total of 10 in. thick

. . . ’ . . sar
deck. Tne entire epproaca span o both sides were completed in fell of i569.
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11.4 Catwalks, lain Cables, Cable Bands, Suspender Ropes, and Sockets
11.4¢1 Catwalks |

The strand of catwalks for erection was the firs® of the bridge to
link the two cities. The advantages in using of catwalks were that:
they provided continuous access to all points of the cable and permitted
Getailed inspection. It could increase safety during the erection of the

deck span.

The two catwalks extended for full length of the cables, being slung
at elevation around three feet below those of the first cable-strands to
be erected. Kkach was supported by 2 pre-stressed cable-strands, one
under each side of the timber deck, the strands being hung from temporaxy
brackets riveted to the steelwork ai a convenient distance below the cable-

saddles proper.

The strands for each catwalk were mounted on individual reels on a
scow that was towed across the Narrows., The outer ends of the strands
had been secured to one anchorage while the scow unreazled and laid the
strands on the bottom of the riverbed. Upon arrival of the scow at the
other shore, the strands were connected to the other anchorage and hoisted

onto the temporary saddles.

The catwalks were formed of 2 by 10 planks to lie above the 4 by 8
struté which were tied to the 2 supporting-sitrands. Fig. 11.9. The
handrail-posts of the 6 ft. wide catwalk were braced in two directions and
the railing consisted of 5/8 in. wire-rope, bolted to every post. ‘he

catwalk-anchorage consisted of two long 3% in. rods set into the anchor-

pier and comaecting to two pairs of long 3 in. bolts. The sockets of the
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strands in turn consisted with those bolts and were at first place as

close to anchorage as the assembly permitted.

11.4.2 HMain Cables

The 122 cable-strands, each on an individual wooden reel were
shipped from lontreal to Halifax. Fox cable-erection, each reel in turn
vas fitted with a shaft and mounted on bearings behind and above the
appropriate cable-ancnor cavity. Fig. 11.10. Its outer socket was
then hauled over the catwalk with a 5/8 in. line by means of a hoisting-
engine established on the other anchorage-pier. At the tops of the tower,
hardwood blocks were placed to receive the heavy pressure of the moving
strands and to preserve the galvanizing, and wooden rubbing-stripe were
provided wherever there was any possibility of the strands coming into

contact with bolt-heads or other steelwork.

Upon the arrival of the leading socket at the other end of the cat-
walk it was disconnected from the skid. The two sockets were then attached
to the appropriate anchorage-buttons by the adjustable anchor-bolts. Fig.
11.11. The next step was to pick up the strand from the catwalk and lay |
it into the saddles. Great care was exercised to avoid damage to the

strand by scraping the galvanizing or by abrupt bending.

The strands of each cable were arranged in nine horizontal layers,
the 16west of which took its bearing directly onto the fluted invext of
the saddle while the strands of other layer rest direcily above the lower
one., The lower half of the cable, including the bﬁttom and adjacent four
layers, is confined laterally by the smides of the saddle. ¥Fig. 11.12.

The remaining four upper layers are rendexed stable by the strsnds of
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each layer bedding into the hollows between the strands of the layex
below, and they are further prevented from lateral movement by the cover

slab. Fig. 11.13.

After the superstructure was completed, the main cables were rounded
out with wooden fillexr blocks and then wrapped with galvanized wire to

provide weather protection. Fig. 7.15
11.4.3 Cable Bands

The cable-bands were brought to the site in scows and delivered
alongside the main piers, the two parts of each band having been previously
bolted together. The bands were lifted to the tops of the towers and were
distributed along the catwalk. The bands were positioned by reference
to the painted works on the two outer strands of each cable, and were
assenbled onto the cable by hand. Fig. 11.14. The two halves of the
saddle-groove were carefully aligned to prevent damage to the suspendexr-

ropes, and the bolts were then tightened.

During the subsequent erection of the suspended structure, the
increasing load on the cables caused then to decrease in diameter, owing
to compaction of the 61-strand assembly. On this account, ard to prevent
slipping, the bolts were retightened to their original tension during the
progress‘of the work. Vhen all the dead loads were in place, a third and

final tightening was carried out, under careful inspection.

After the cable-wrepping had been applied, the space at the upper
junction of the two halves of each band was filled witn oakum and then

calked with lead wocl. Small openings were left in the underside-caulking
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of bands to permit the free drainage of any moisture that night accumu-

late inside the cables,

11+¢4.4 Suspender xopes and Sockets

The suspeunder-ropes were delivered alongside the main piers, hoisted
to the tower-tops, and then assembled by hand. Fig. 11.15. Care was
takeﬁ io place the marked center point of each rope exactly over the
Joint of the cable-band, and that position was maintained by the small
keeper-castings. The sockets were left hanging freely in ready for

assembly to the trﬁsses.

Immediately before connection to the stiffening-truss, the suspender-
sockefs were rotated as required in order to bring the tell-tale paint- -
marks into aligument, and thus to ensure the correctness of the suspender-
length. The galvanized ladder-rungs were assembled after the suspenders
had received the greater paxrt of their dead load. Thgy were clinched
onto the ropes by hand, with copper-headed hammers. The annular depres-
sion at the top of each socket was filled with a non-hardening putty (Tremco)

10 prevent the accumulation of moisture.

11.5 Orthotropic Deck Panels
The deck panels consisted of orthotropic deck plates, floor-beanm
trussés, stiffening txrusses and bottom laterals. Deck erection commenced

on the site by Canedian Bridge's crews in late July 1969.

The 44 preassembled panels in the main span were hoisted by means
of twin high lines and a transverse lifting strut. On {the side span, this
techuique was not applicable, because of access difficulties. However,

each element wzs lifted in place and assenvled in mid-aix by the stiff-
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leg derricks working from each cable-bent towards the main towers.

A special lifting beam was tightly bolted to each side of the
completed deck pa.nel.17 This attachement carried the panel's load to
a central lifting point at the centre of gravity where a lifting fall
was attached to each side during erection. Twe full sets of lifting-
beam tackles were employed on the site such that while one was in use,
crews might be ready in the next panel for lifting. As soon as the barge
floated clear, the tugs towed it back to dockside so that another panel

could be agsembled on it.

The actual 1lifting was done by the twin 1-1/8 in. diameter falls
which were controlled by a 2-drum synchronized hoist on the Halifax shozre.
It took 17 minutes for the 170 ft. vertical 1lift from the barge to the
deck elevation. Fig. 11.16. Once the pa.nél was in position, one end
was loosely bolted to the adjoining panel already hanging in place while

the other end was pinned to its suspension hanger on each side. iige. 11417

Travel of the strut back and forth, a3 well as up and down was
guided by two high-lines - 1-7/8 in. diameter whica were controlled by a
%~drum hoist near the Halifax cable bent. These high~lines, each with
a capacity of 12 tons were strung across the iWarrows on the same alignment,

but well above the main suspension cables.

Upon the stringing of the main cables, erection of the bridge deck
vas started at the centre of the main span and progressed towards the
towers., After the exection of about 1/10 of the main span, deck erection
of both side spans was commenced at the cable bents and proceeded towards

the tewers simultaneously with the main span. This erection procedure
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greatly reduced the hazard of over load in the main span portion with-

out a counterbalancing load on the side spans.

Bolting of each deck panel following a 1lift was fairly loose sO
that joints might hinge and the desired parabolic vertical cuxvature in
the completed decx be attained under the forxce of gravity. Final bolting
of the bottom chord members, thexreby forming a continuously stiffening
deck truss, was done once the sag profile during erection coincided
closely with the desired final geometry, which was when about 807% of the
main span was erected. Fig 11.18. As soon as all the deck panels in

place, access was available.

The verticality of the towers and the cable bents before and during
erection was closely watched. To keep pace with the ever-changing leaning
in both, the cable saddles atop each wvere offset shoreward 19 in. and
those atop the cable bents moved a proportionatély smaller distance. By
the time nine panels were hung in place, deflecting the towers under the
weight, the saddles were jacked back to be center atop the towers where
they were bolted to prevent future movement. Once 30 panels were in

place, the final jacking of the cable bent saddles took place.

11,6 Epoxy Asphalt Wearing Surface Paving

Concresive epoxy asphalt is a highly specialized product that differs
entirely from conventional hot-wmix asphalt. in order to obtain the best
possible surface, the temperature couditions éu:e the most crucial aspect
and an ambient temperature of at least EOOF, with low humidity, was impexr-
ative during placement operations. This stipulation had already forced a

postponement of the paving prograu from fall of 1969 %o July, 1970, since
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the steel deck erection phases were completed only after the cool temper-

ature of autumn prevailed over the halifax area.

The completed deck pavement ig 52 ft. 6 in. in width and was laid
in two 1 in, thick courses (i.e. a levelling course and a surface course).
Successive passes were from 11 to 145 £t. wide atop sandblasted steel
coated with an inorganic zinc primer. After all paint had dried for at
least 24 hours, the area to be baced was washed with a detergent solution
of 1% Triton in clean water to remove all oil and grease, gzinc oxides, and
any leose zinc paint. Finally, a bond coat was applied to the steel deck,

to the surface of levelling course and to the pavement joints.

Sandblasting and priming, (a part of the deck was done in 1969),
began during the warming days of spring 1970. Fig. 11.19. The first
two week of June were designated as the time during which placement of
the required 1,485 tons would proceed. Despite having shovexrs througnout
much of this period, thereby upsetting critical batchiﬁg cycles, the

paving crews év.cessfully completed the project. Fig. 11.20.
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FIG. 11.1 CONSTRUCTION OF DARTVIOUTH MAIN PIER



178

FIG. 11.3% PORTAL FRAME PIERS AT DARTMOUTH APPROACH
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FIGe 11.4 HALTFAX MAIN TOWER PIER UNDER CONSTRUCTION IN DRY CONDITION

FIG. 11.5 ERECTION OF HALIFAX TOWER
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FIG. 11.7 BOX GIRDERS AT DARTMOUTH APPROACH SPAH
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FIG. 11.8 ANCHORAGE AND APPROACH SPAN AT HALIFAX SIDE

F1G. 11.9 ERECTION OF CATWALKS
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FIG. 11.11 MAIN CABLE STHANDS SOCKETED TO STEEL BUTTONS



FIG. 11.12 FPIHST LAYER OF MAIW CABLE CROSS THE TOWER-SADDLE

FIG. 11.13% PLACING OF SADDLE~LID AT CABLE BEWT
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FIG. 11,15 ERECTION OF SUSPENDER ROPL
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FIGe 11.16 LIFTING THE PREASSHMBLED PANEL OF DECK AND TRUSS



#IGe 11.17 ASSHEMBLY OF THE DECK

s Ea

FIG. 11616 wudilY COiiLilTa OF THE SUPESTRUCT Uiy
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FIG. 11.19 SANDBLASTING BEFORE THE PAVEMENT OF EPOXY ASPHALT WEARING SURFACE

FIG. 11.20 THE COMPLETE VIEW OF THE A. MURBAY MACKAY BRIDGE
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CHAPTER 12

COST AND WmiGHT

12,1 Final Cost and Weight

The cost of the whole project was $32,873,000 which included the
construction of the bridge and approach‘roads in both cities. The cost
of the substructure contract was $2,741,771 awarded to Robext McAlpine
Ltd., Halifax. The construction 6f the substructure included cable
anchorages, main piers, portal frame piexs and abutments at approach
spans. The cost of the superstructure contract was 8,394,552 awaxded
to Canadian Bridge. Division of Hawker Industries Ltd. This contract
ineluded the construction of the orthotropic deck,'main cables towers,
gteel works of the main and approach spans with concrete pavement. The
2 in. epoxy asphalt pavement on the orthotropic deck cost $323,815 and
was applied by Adhesive Engineering Company, San Carlos, Célifornia,

UeSeAe

The total cost of this suspension bridge with electrical contract
is $11,988,334 while approach roads at each gside share the rest of
$32,9 million. The average cost for the suspension bridge is about $80
per sq. ft. of roadway surface. The steel weight in detail is shown in

Table 12.1.

The whole project took 3 years to finish and involved more than

600 design, supervisory, and construction staff.

12,2 Conclusion
The develepment of orthotropic plate bridge decks is one of tne

most oubstanding advances in bridge design apd constructicn in xecent
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years. The use of an orthotropic steel deck gives a major reduction in
weight b;;r elimination of the usual hea.vy»conérete slab., This reduces
the size of the cable and anchorage. Since the dead load is signifi-
cantly less, the steel required in the towers reduce to a minimum,
Preliminary design studies indicated a saving in cost of 15% for the

orthotropic deck type compared to the standaxd type with a concrete deck.

The usual stiffening truss depth for a bridge of this span would be
14 ft., but with the orthotropic deck acting with the {russes in bending
the same stiffness was obtained with a truss depth of oniy 9 ft. 6 in.,
giving a more slender appearance. The orthotropic deck acts like a top
lateral system in combination with the stiffening trusses and bottom
laterals to form a box system of high torsional stiffness. The high
torsional stiffness provided by the steel deck reduces the twisting of
the deck due to live loading on one side of the.bridge only, and also
gives favourable aerodynamic characteristics by raising the natural

frequency of vertical oscillation.

The orthotropic deck with closed ribs is more advantageous than open
rib. Some preliminary studies in other bridges indicated that the
critical stresses in orthotropic plates with open ribs are approximately
20 to 30% lower than those in orthotropic plate vith closed ribs of equal
cross-sectional area and moment of inertia. In most cases the use of
cloged ribs reduces the rib thickness by approximately 1/8 in. if rib

length is maintained.

It is apparent that the developwent of the orthotropic deck is’

better than the other conventional bridge design, providing outstanding
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advance in design and construction in the future.

Although {this new technique is still subjected to intensive research,

at this stage, it shows promise.

Generally, the design procedure has not been completely codified,
so careful judgement is required in interpreting the results and

establishing criteria of design.



TABLE 12.1 FINAL

STEEL QUANTITIES OF THE BRIDGE
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Main Span Approach Span
Item Weight Item Weight
Tons Tons

Main Towers 1687 Box Girders 1187
Cable Bents 222 Floor Beams 407
Stiffening Trusses 1352 Fascia Beams 47
Bottom Laterials 126 Traveller Beams 51
Floor.Trusses 721 Catwalk 29
Orthotropic Deck 2260 Fence 63
Fence Curbs 177 Miscellaneous 24
Expansion Joints 23
Cable Anchorage Anchors,

Buttons Etc. 127
Cable Saddles 50
Cable, Suspenders, Bands 1283
Erection 6
Total 8034 Total 1808

e — e
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